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ABSTRACT

This is the first in a series of progress reports which summarize
the recent developments and findings of ongoing research on "The
Seismic Resistant Design of R/C Coupled Structural Walls" at the
University of California, Berkeley.

Integrated analytical and experimental research on the seismic
response of R/C structural wall-frame structures has been conducted
at U.C. Berkeley for the past decade. Recently considerable efforts
have been devoted to the study of the seismic behavior of coupled
structural walls and their behavior in wall-frame structural systems.
This report documents the progress of that study.

A survey of existing analytical and experimental work regarding
the seismic response of R/C wall and coupled wall-frame systems, as
well as relevant documented post.-earthquake studies on these systems,
are presented in the first part of this progress report, An assess-
ment of the states of the art and practice regarding the design of
building structures incorporating these systems is included.

Studies and design and fabrication of the required testing facility
necessary for conducting the experimental investigation of sejsmic be-
havior of a 1/3-scale model of a 4 1/2-story coupled wall subassemblage
belonging to a 15-story prototype structure, are described in the main
portion of this progress report. Analytical studies of the seismic
responses of the prototype buildings are summarized only briefly as
these studies are being published in a separate EERC report.

A second progress report will follow documenting the results



obtained in the first series of experiments conducted on a 1/3-scale
model subassemblage. The progress achieved in the analytical studies
of this integrated analytical and experimental research of seismic

response of R/C wall-frame systems will also be presented.
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SEISMIC RESISTANT DESIGN OF R/C
COUPLED STRUCTURAL WALLS

1. Introduction

1.1 General

Current earthquake-resistant design philosophy requires that the
structure be able to resist minor ground shaking without damage and to
resist moderate ground shaking with no structural damage but with some
allowable minor nonstructural damage. The design philosophy acknowledges
that structural damage will be caused by strong ground shaking, but
the damage should not be to the extent that lives are endangered [1.30].
In accordance with this philosophy, the demands on the structure which
correspond to different ground shaking levels have to be assessed in
terms of force, distortion, and energy dissipation demands upon individual
elements of the structure. It is also necessary to assess if the
supplies provided by the structural members are sufficient to meet such
demands.

The present design philosophy focus is on damage control, as
opposed to the earthquake-resistant design concept of previous decades
characterized by an emphasis on ductility. Research advances in
earthquake engineering [1.10, 1.24] have enabled the profession to seek
more comprehensive solutions to earthquake-resistant design problems
than just ductility. Consequently, the structural systems of medium-
high-to-tall buildings now frequently incorporate reinfofced concrete
structural walls. It has been observed in past earthquakes that
structural walls, when properly detailed and constructed, provide

buildings with excellent damage control.



One particular structural wall system which shows great potential
for efficient seismic-resistant design as demanded by current design
philosophy, is the coupled structural wall. Two or more structural
walls, coupled by connecting beam and slab systems, possess significantly
higher stiffness than if they were not coupled. This stiffness
furnishes an improved damage control property.

The redundancy and potential energy dissipation capacity which can
be provided by properly designing the coupling girders may be used to

advantage to "tune" the system to provide a natural sirong column-weak

beam type of response. This type of response is especially desired
because each coupling girder can provide two sources {plastic hinges)
of energy dissipation, thus a Targe amount of energy dissipation can
be achieved without the accompanying large drift problems. In many
DMRSF systems, a strong column-weak beam design inadvertantly responds
as a soft-story system when nonstructural elements constrain energy
dissipation to a few fTloors.

Coupled-structural walls are not as affected by nenstructural
elements, an inherent advantage over the DMRSF system. It has been
demeonstrated that it is pessible to design and construct coupling
girders with significant deformation and energy dissipation capacity.
Similarly, isolated walls have been shown to pessess favorable
inelastic response characteristics, provided that the phenomenon
of "web-crushing,” {(a form of sudden shear-compreésﬁon failure of the
wall panel) sliding shear, and instability can be postponed until suf-
ficient inelastic distortion can take place. Even after web crushing,

barbell shaped walls with effectively confined edge members were



observed to be capable of offering considerable lateral resistance
and energy dissipation capacity working as a "soft story" system.

The state of the art in R/C structural wall-frame building design
governing seismic effects has advanced considerably as a result of
intensive research carried out by major institutions in the U.S. and
throughout the worlid. Although a significant amount of data is
available on the response of individual components of coupled wall

systems, informaticn on the overall system response of coupled wall-

frame structures is inadequate to formulate proper guidelines on seismic-
resistant design of these structures. Therefore, research should
continue to be conducted on structural systems incorporating structural
walls, particularly coupled walls.

The state of the practice as represented by current code has yet to re-
coghize the data generated on the response of wall-frame and coupled-
wall-frame systems during the last decade, and t¢ incorporate such
findings in its provisions. Although there have been efforts toward
this, existing U.S. code provisidns for the design of tall reinforced
concrete structural wall-frame systems (coupled or isblated),
1ncorporaté some provisions of questionable soundness, as well asincon-
sistencies and shortcomings. These questionable provisions may resultin
frame-coupled wall system design with undesirable ultimate-limit-state
response characteristics.

Research on the seismic response of isolated and coupled wall-frame
structures has been underway in Berkeley for the past decade. Information
on major findings on the response of isolated wall-frame structures
and individual components of these systems has been reported in the

course of ongoing research [1.17, 1.43, 1.441.



This report's basic objective is to summarize developments and

major findings of work in progress at this institution on integrated
analytical and experimental research of coupled wall-frame structures.
As a consequence of the emphasis given recently to this research, par-
ticularly fhe experimental phase, this report will be augmented as
new information on the behavior of these structures is generated.
The research will be presented in two main chapters. Chapter 1
provides adetailed survey of previcus experimental work on isolated
and coupled wall-frame systems and the individual components of these
systems, including post-earthquake observations. Also included is a
brief survey of recent relevant analytical work that was carried out
on these structures. Chapter 1 is concluded by an investigation of the
state of the art and code in the design of tall R/C wall/coupled
wali-frame systems, and specific information on the objectives and
scope of ongoing research in Berkeley on the response of these structures.

Chapter 2 Tists preliminary analytical and experimental work conducted
at Berkeley during past years in order to lay the foundation for & long-
range‘research program aimed at better understanding of the seismic
behavior of medium-high-to-tall R/C structural coupled wall-frame

structural systems,

1.2 Review of Past Research on Reinforced Concrete Shea» Walls

1.2.7 Post-Earthquake Investigations

1.2.1.1 General

Post-earthquake investigations have been a major source of informa-
tion on earthquake engineering for structural engineers. Research on
earthguake-resistant structures has been carried out parallel to post-

earthquake studies since the 1940s. Knowledge acquired from the study



of moderate to destructive earthquakes, especially during the past
three decades, has contributed significantly to advances in the under-
standing of structural response under ground excitation, and conse-
quently to the improvement of seismic code provisions.

The reTatively well-documented earthquakes of Chile (1960), Agadir,
Morocco (1960), Skopje, Yugoslavia (1963), Niigata, Japan (1964),
Anchorage, Alaska (1964), Caracas, Venezuela (1967), Tokachi Oki,

Japan (1968), San Fernando, California (1971), Managua, Nicaragua (1972),
Oita, Japan (1971), Guatemala City, Guatemala (1976), and Sendai, Japan
(1978} have been instrumental in improving existing code provisions

as well as formulating new ones regarding structural systems, effect

of soil conditions, lateral force coefficients and distribution, member
design and detailing, and control of damage by limiting interstory

drift.

A review of post-earthquake investigations on the behavior of
moderately tall- to tall-reinforced concrete structures incorporating

shear walls is presented in the following section.

1.2.1.2 The 1963 Skopje, Yugoslavia, Earthquake 1.3, 1.35]

A number of medium-height reinforced concrete structures were
extensively damaged or collapsed in the Skopje earthquake. Of these,
the ten-story Quay Towers, the fourteen-story Trade Union Building, and
the fourteen-story Karpos Tower were relevant structures_incorporating
unreinforced concrete bearing walls. Some of the walls in the Tower
stories of the Trade Union Building were reinforced. This was the only
structure reported to have insignificant structural damage after the
earthquake. Strong motion records were not obtained and, to the best

of the writers' knowledge, there were no subseguent analytical evaluations



of the damage reported in the literature.

1.2.1.3 The 1964 Anchorage, Alaska, Earthquake [1.3, 1.46]

A significant number of relevant structures built during 1950-1960
were extensively damaged during the earthquake. The eight-story Hill
Building, with two reinforced concrete central core units connected by
beams and a steel frame, survived with relatively less extensive
damage. The stiffer core unit had damage at the foundation level and
a local shear failure between the first and second floors along a weak
plane caused by irregular openings. Beams connecting the core units
were damaged on the second and third floors. Upper story beams and
core had less damage. The failure was attributed to a layer of sub-
standard concrete at the foundation Tevej of the stiffer core unit.

. The Mt. McKinley and 1200L Apartment Buildings were almost identi-
cal as to construction, orientation, and damage. They were both 14-
story structures with central core units and pierced facade shear
walils along their peripheries. The only difference between these
structures was in the first story of one of the facade walls. The
damage patterns of these structures were remarkably consistent.

Significant damage was observed on the facade walls pierced
by a Targe number of regular openings. The connecting beams, most of
which had a depth-to-Tength vratioc Targer than one, had diagonal shear
failure up to the twelfth floor. On the narrower sides., both structures
had two stiff walls on each side of a flexible wall, all connected by deep
beams. One of the stiffer walls had a complete fracture at the third-

story level, while no visible damage was observed on the other wall.



The connecting beams were observed to be most severely damaged on the
fifth-floor level, with damage becoming progressively less in both
directions.

The Mt. McKinley Building was subjected to forced vibration tests
and subsequent analytical evaluations after the earthquake. The distri-
bution of coupling beam damage along the height of the structure was
in accordance with the relative magnitudes of the computed forces. The
wall fractures in both structures were attributed to the existence of
improper construction joints in the fractured locations and to the
small amount of horizontal and vertical reinforcement.

The Pennéy Building was a five-story structure, nearly square on
ptan, with predominant lateral stiffness along one side only. Built
in 1962, it collapsed partially and was demolished after the earthquake.
Torsional effects were computed to cause highest unit stress on the
second story as the shear walls varied in amount and distribution along
the height of the structure. Correspondingly, wall failure occurred
at the second-floor level.

The six-story Four Seasons Apartment House collapse was perhaps
the most spectacular failure involving shear walls. The structure had
two interior cores and peripheral steel columns. Post-tensioned pre-
stressed 1ift slabs were used. The basic cause of the collapse of this
building was the failure of the two cores which were attributed to the

poor splicing of the main bars at the first-story level.

1.2.1.4 The 1967 Caracas, Venezuela, Farthquake[1.3, 1.34, 1.14]

There were four cases of complete collapse of medium-height

structures in the Caracas earthquake, these were the twelve-story



Mijagual Apartment Building, the twelve-story Neveri Apartment
Building, the ten-story Palace Corvin Building, and the ten-story

San Jose Building. The Palace Corvin had a reinforced concrete core
which accounted for less than 15 percent of the lateral stiffness. The
frames, however, were not connected to this core. The other three
structures that collapsed did not incorporate reinforced concrete

shear walls.

0f a significant number of structures which were extensively
damaged, several with central reinforced concrete core units were
observed. The ten-story H-shaped apartment building, Amalfi, had a
central core unit on the side of which a vertical crack through the
height of the structure appeared after the earthquake. The columns
at the corners of the structure were observed to be damaged. The
building was repaired after the nonstructural partitions of the first
four stories, which were badly damaged, were removed.

The Atlantic 0i1 Building, an eight-story structure with a rein-
forced concrete central core unit, which was terminated at the fifth
floor to be continued by tile walls, had extensive damage at this
floor. The twelve-story Plaza I, consisting of two separate towers
with reinforced concrete shear walls in both directions, had no
structural or nonstructural damage. The Bahia del Mar, a twelve-story
building with a tall first story, incorporated a rigid central

reinforced concrete core unit which was terminated at the fifth floor.
Damage was significant at the vicinity of this floor.
1.2.1.5 The 1971 San Fernando, California, Earthquake [1,19, 1.23]

A significant number of strong-motion records were obtained for
this earthquake, enabling a realistic appraisal of the induced forces.

A number of the damaged structures incorporated reinforced concrete



shear walls. Several tall structures with shear walls had no damage
despite significant recorded acceleration magnitudes. Of the few
collapses that occurred, the Olive View Hospital had shear walls, but
these were terminated before the ground floor where failure took place.

The Indian Hills Medical Center was a seven-story structure with a
reinforced concrete frame. It was rectangular in plan, with a projection
at one of the longer faces, and four shear walls were used in each
direction of the building for lateral strength. Floor slabs were made
of lightweight aggregate, while the other members were made using
normal weight aggregate. The walls had edge members. Beams ran along
the narrow direction only. There were no accelerometers in the
imnediate vicinity of the building. Base accelerations on the order
of 0.4 g were estimated. Some of the shear walls were damaged by
cracks along the horizontal construction joints at floorlines. This
was attributed to the intrusion of lesser strength floor concrete into
the joint during construction. In addition to the diagonal wall
cracking at the first floor, the edge member was separated from the wall
at the base of this floor. More damage involving the slabs and the
frame members was also observed. Repairs amounted to 9 percent of the
original cost of the building.

The Holy Cross Hospital, another seven-story structure located next
to the Indian Hills Medical Center, had a complex lateral load
resisting system. The shape of the plan of the structure was a cross.
Shear walls, some terminated below the second floor, in conjunction
with four core units distributed within the building, were relied on
for seismic resistance. Different qualities of concrete were used for

the walls, the slabs, and joists. Because of poor construction
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technique, the vertical elements had a 1ayer of concrete of lesser
strength along the heights of the floor systems. .

The Holy Cross Hospital had more extensive damage than the
Indian Hills Medical Center; rehabilitation costs were estimated to
be 48 percent of the value prior to the earthquake. The damage
consisted of severe diaphragm cracking at the discontinuities of the
shear walls along the height of the building as well as several modes
of wall failure. The wall-floor joints exhibited damage where the
lesser strength floor concrete had intruded into the wall concrete.
Most of the walls had serious damage over the doors which perforated
the walls. The walls were not provided with sufficient shear
reinforcement above these door openings. These regions were also
penétrated by ducts. Walls below the fourth-floor level had extensive
X-cracking, with reinforcing steel exposed at numerous locations., The
structure columns exhibited a number of failures related to significant
lateral drifts, this despite the walls and core units.

The Museum for Antique Cars, a five-story reinforced concrete
building, was under construction when the earthquake occurred. The
building had solid facade walls all around a rectangular perimeter.
The floor system consists of 8 in, two-way reinforced concrete slabs
supported on beams, which in turn, are supported on columns. In the
exterior walls the beams and columns are cast integraily with the walls.
While the walls and columns are cast of normal-weight concrete, the
slabs and beams, even those cast integrally with the walls, are cast
of lightweight concrete. This resulted in weak construction joints on
the wall at the floor levels, particularly at the first-story level,

where significant damage was observed after the earthquake. The wall
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fractured around the building along the first-floor level, i.e., at the
beam-wall joints. These joints were later repaired by developing keys
across the joints.

The Antique Car Museum, Olive View Hospital, Indian Hills Medical
Center, and Holy Cross Hospital were four of the relevant structures
incorporating shear walls which were structurally damaged. These
structures were all subjected to severe ground motion, and damages
to the walls resuited from inadequate conceptual design and possibly
poor construction. A large number of high-rise buildings, most of
which were instrumented, were subjected to ground accelerations of
smaller magnitude; a number of these were subsequently analytically
studied.

Of the structures studied, the Certified Life Buiiding, built
according to the 1964 Los Angeles City Code provisions, was a fourteen-
story reinforced concrete shear wall building with shear walls running
in one direction of the building and a central core unit continuous
throughout the height of the structure. Thiswas the only structure with
continuous shear walls investigated in the major Los Angeles area
subsequent to the earthquake. The three strong-motion accelerographs
at the ground-floor level, sixth-floor level and roof, recorded
maximum accelerations of .26 g, 0.39 g and.395 g along the transverse
direction of the building. There was no observed structural damage,
and the nonstructural damage was minor enough to be repaired as part
of the normal building maintenaﬁce. Studies of other buildings with
different structural systems subjected to similar excitation in the

Los Angeles area, revealed many cases of extensive nonstructural damage.
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An important aspect of this last structure was that the core consisted
of two basic U-units coupied by girders with a depth/length ratio of
approximately 0.5. No girder failure or serviceability probliem was
noticed, degpite dynamic story shears and overturning moments of roughly
twice the code values estimated to have occurred (from analysis of the

recorded acceleration histories).

1.2.1.6 The 1972 Managua, Nicaragua, Earthquakel 1.16, 1.47]

A single strong-motion record was obtained in this earthquake.
Studies indicated the stronger horizontal component to contain at least
as much damage potential as the N-S component of the 1940 E1 Centro
record, with a maximum acceleration of 0.38 g. The ground acceleration
magnitudes in the downtown area where the investigated modern medium-
tall to tall buildings were situated, were estimated, through analyses
of seismoscope records, to be higher than those recorded by the strong-
motion accelerograph.

Detailed damage appraisals and analytical studies were carried out
on a number of relevant buildings, some with reinforced concrete shear
walls. It was observed that none of the shear wall structures had more
than moderate damage, while many moment-resisting frame structures
exhibited severe damage, and some collapsed.

The Edificio Administrativo ENALUF Building, with basement, ground
fioor, and six additional fioors of smalier plan dimensions, had two
central reinforced concrete core units and a frame for lateral resistance.
The building is rectangular in plan, with typical floor construction
consisting of precast, pretensioned joists, and a lightweight reinforced
concrete slab. The vertical elements were cast in place, the cores

being internaily framed by cast-in-place slab and beam construction.
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The building was designed with the ACI 318-63 and SEAGC 1966 codes.

The main damage, in the form of c¢rushing, occurred locally at one corner
of one of the cores at the foundation level, where the concrete section
was weakened by large indentations on both sides of the core made for
telephone ducts, metal boxes and piping. The girders connecting the
two core units hinged at the ends with concrete spalling at the
connections. Some diaphragm cracking was observed throughout the
building as well as some diagonal cracking on the cores. The overall
performance of the structure was concluded to be satisfactory with only
minor cosmetic damage. Subsequent period measurements were carried
out. Comparing theoretical virgin, and measured post-damage periods,
drifts exceeding twice the elastic limit were estimated. The structure
and the whole building were easily and economically rehabilitated.

The Teatro Nacional Ruben Dario was completed in 1969 with steel
facade columns and a reinforced concrete shear wall frame system at
the interior. The shear walls at the stage area were the equivalent
of a twelve-story tall building (40 m). Although subsequent analysis
and vibration studies indicated drifts exceeding the elastic limit,
only minor cosmetic damage was observed. The mass associated with this
structure was insignificant, as there were no intermediate slabs and
the roof consisted of a steel truss system.

The Banco de America Building had one of the most favorable
responses to the earthquake. A reinforced concrete coupled shear wall
building of seventeen stories (225 ft in elevation), it was built in
accordance with the 1964 U.B.C. provisions and was square in plan with
two symmetry axes. Four central core units were tied to each other by

two connecting girders at the floor levels. . There were T-shaped
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facade columns along the periphery, connected to the cores by a flat

slab. The core walls suffered only hairline diagonal cracks between floor
Tevels. The tie beams exhibited a uniform damage between the third and
the seventeenth floors. These beams were constructed with duct openings
under the slab. Concrete under the openings dropped out, exposing the
beam bars. This also led to slab damage (shear fracture) around the

top of the duct openings. The tie beams, which did not have the duct
openings, appeared to have flexural yield at the wall connections.

There was slight or minor nonstructural damage.

The Banco Central Building, a fifteen-story reinforced concrete
frame structure with walls at one end, adjacent to the Banco de America
Building, suffered extensive nonstructural and some structural damage.

A comparison of the responses of the two structures has he]ped to
reinforce the current earthquake-resistant design philosophy -- an
insistence on damage (drift) control in conjunction with energy

dissipation.

1.2.1.7 The 1976 Guatemala City, Guatemala, Earthguake [1.18, .29, 1.36]

No strong-motion records were obtained during the Guatemala City
earthquake. Seismoscope readings were deconvoluted to indicate maximum
accelerations in the order of 0.4 g at the ground floor of a building.
Aftershocks, recorded by strong-motion instruments, indicated ground
acceleration magnitudes in the order of 0.2 9. Documentation of
structural damage is extremely limited. A number of medium-height
reinforced concrete structures were‘involved in strong ground motion.

A brief survey of the observed post-earthquake condition of these

buildings follows,
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The fifteen-story (plus two basements) Camara de Industria Building
had four core units at each corner, with a rear portion relying on a
shear wall in one direction. The floor system consisted of joists and
haunched beams connecting the cére units. There is no record of damage
to the cores. The beams had shear cracks throughout the height of the
structure at the ends of the haunches. The joists were also reported
to exhibit widespread damage.

The Edificio Médico incorporated two rigid central core units and
columns, all tied together by a two-way joist slab system. This
eleven-story structure was observed to suffer widespread cracking of
the joist floor system in the first three floors, in conjunction with
sTight nonstructural damage.

The Condominio Reforma (Fiasa) Building was thirteen-stories tall
with one basement, and was designed according to the provisions of the
1966 SEAOC Code. Square and symmetric in plan, the building had four
external reinforced concrete shear walls and an internal core as its
structural system, in addition to columns at the corners. The square
center core constituted a couple shear wall system in one direction
of the building. The external walls were connected to the core by
one-way slab systems. The coupled wall system comprising the central
core was the only structural element with observed damage. The
coupling beams had sTight cracking at and above the middle stories.
Hairline diagonal cracks were observed on the walls. Nonstructural
damage was noted on masonry walls around the core waii in the form of
cracking.

The Condominium Convista Building, fifteen-stories tall, had a

mixed structural system consisting of massive coupled shear walls and a
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substantial moment-resisting frame. There were no axes of symmetry.
The performancé, however, was excellent, with no observed structuratl
damage and only minor separation, which was easily repaired, between
nonstructural masonry walls and the structural members.

The regﬁonse of modern frame structures of moderate height in
Guatemala City was observed to be successful in terms of surviving the
earthquake with no collapse. A comparison with the stiffer structures,
however, indicated large permanent deformations and significant damage
to nonstructural elements. Frames which incorporated waffle slabs in
conjunction with columns fared especially badly. Two other structures
of the shear wall type, the Banco de Guatemala with a shear wall core
system designed for the full lateral load, and the Edificio E1 Cortijo,
relying on shear walls for lateral resistance, were not reported to have

suffered any form of damage.

1.2.1.8 The 1978 Sendai, Japan, Earthquake [1.13, 1.15]

This earthquake is formally designated as the Miyagi-Ken-0Oki, June
12, 1978, earthquake. Sendai is a large, modern city with a number of
ten- to twenty-story structures in the doWntown area, within the Miyagi
Prefecture. A number of strong-motion records were obtained in Sendai,
indicating ground acceleration intensity of 0.25 g to 0.4 g.

A majority of the medium-height structures in Sendai utilized a
steel frame system. Another typical construction incorporated structural
steel sections in conjunction with standard reinforcing steel in concrete
members, termed a steel-reinforced concrete system. These structural
systems wére braced with reinforced concrete shear walls in certain
cases. A previous earthquake of lesser intensity had occurred in Sendai

on February 20, 1978. Most of the minor damage, observed after the
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earthquake in June, was first reported to have appeared after the
earthquake in February but became more apparent in June.

The Sumimoto Life Insurance Building, an eighteen-story steel
frame with a central reinforced concrete core unit and transverse
reinforced toncrete shear walls on the exterior four corners -- all
continuous -- was instrumented., No damage was reported apart from
minor cracking in the interior core, as well as along some construction
joints in the stairwells. The maximum recorded acceleration at the
ground floor in the June earthquake was 0.26 g, with the corresponding
eighteenth-floor acceleration of 0.56 g.

The engineering faculty building of Tohoku University, a nine-story
reinforced concrete framed building with shear walls, was another
instrumented structure. Peak base accelerations of 0.17 g and 0.24 ¢
in the February and June earthquakes were recorded. The corresponding
peak response accelerations on the ninth floor were 0.37 g and 1.0 g
in these earthquakes, respectively. The duration of intense response
with top floor accelerations in excess of 0.25 g, was approximately 20
seconds during the June earthquake. The reported damage consisted of
minor shear wall cracking and broken windows, which is a spectacular
success considering the intensity of ground excitation and the two
successive earthquakes.

A number of structures with excessive system damage as well as
partial collapses, were reported for this earthquake. None of the major

buildings with this degree of damageé incorporated shear walis.

1.2.1.9 Concluding Remarks

The major documented earthquakes of the past twenty years were

surveyed for post-earthquake damage to medium-tall to tall buildings
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incorporating concrete shear walls. Damages, varying from complete
collapse to insignificant minor cosmetic damage, were recorded. In
the case of each building with major structural damage, gross design
and/or detailing errors, poor quality control of materials, and/or
poor construction were revealed.

The most frequent design errors were related to discontinuous shear
walls. Discontinuity of walls in any level of the observed structures,
especially in the first story, had catastrophic effects en the
response of the structure. Although not included in the survey, the
partial collapse of the Imperial County Services Building in the 1979
E1 Centro earthquake was caused by the same type of conceptual design
error. -Subsequent investigations of this structure are in progress.

‘Detailing errors include inadequate anchorage of the walls to the
foundation, inadequate lap splicing in wall and edge member reinforce-
ment at the floor levels, improper construction joints at the floor
levels, and inadequate shear reinforcement of beams connecting the
shear walls and duct openings in such beams. Detailing errors such as
inadequate anchorage have led to complete collapse, while other errors
have contributed to significant structural damage.

The impression emerging from the post-earthquake surveys in the
Tater cases of Managua, Guatemala City, and Sendai has been especially
favorable in terms of structures relying on reinforced concrete shear
walls for lateral resistance. A large number of medium-height
structures up to 225 ft. (Banco De America, Managua); have with-
stood, with only insignificant cosmetic damage, severe earthquake
excitation, which has resulted in many times the code prescribed lat-

eral forces. Some of these structures incorporated coupled shearwalls.
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The common type of damage to well-designed shear walls appears to be
cracking, with widths ranging from hairiine to several millimeters. The
coupling beams, if adequate shear reinforcement was provided, exhibited
cracking and spalling at the ends, indicating yield, for a majority of
the observed cases.

A qualitative comparison of the damage control capacities of the
well-designed bare frame and frame-shear wall systems indicates the
unquestionable superiority of the shear wall structure. In many cases
involving post-elastic response, the repair time and cost for the shear
wall structures were reported to be significantly less that that re-
quired for comparable frame structures. Perhaps the best evidence that
professional engineers are beginning to recognize the superiority of
shear walls for seismic-resistant construction is that most of the
rehabilitation of damaged buildings, or retrofitting of existing
buildings, is done by adding shear walls. Remaining problems are:
the proper structural layout of shear walls, i.e., the adequate
distribution in plan and height; the proper way of coupling; and the

adequate combination of shear walls with ductile moment-resisting frame.

1.2.2 Previous Experimental Research on Isolated Structural Walls

1.2.2.1 General Remarks

Experimental research on the response of structural walls prior to
1970 was Timited in quantity and covered only sgquat walls. A survey of
this research with significant findings is provided by Park and Paulay
[1.26]. With the notable improvement in the state of the art in the earth-
quake-resistant design of reinforced concrete buildings during the last
decade, and the accompanying current design philosophy which demands

damage control, research on the earthquake response of medium to tall
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structural walls was initiated in a number of major institutions.
Integrated analytical and experimental research on shear wall structures
has been underway at the University of California, Berkeley; the Portland
Cement Association (P.C.A.) Laboratories in Skokie, I1linois; the
University Ef I1linois, Champaign-Urbana; the University of Christchurch,
New Zealand; and at a number of other institutions. The experimental
programs and major findings of this research are presented in the following
sections.

1.2.2.2 Summary of Previous Experimental Research on Isolated
Structural Walls

Experimental work on medium-tall to tall isolated structural walls
in the last decade, particularly at the P.C.A. [1.28] and the University
of California, Berkeley [1.17, 1.43, 1.44], has resulted in a more
comprehensive understanding of the seismic behavior of these structural
components. Dynamic response studies on small-scale models of frames
coupled with walls at the University of I11inois, Champaign-Urbana [1.1],
have led to a number of conclusions on frame-wall interaction during
seismic excitation.

The experimental studies in the laboratories of the P.C.A. and
Berkeley were conducted on one-third scale model subassemblages of iso-
lated walls. The P.C.A. specimens were 6 ft. 3 in. wide, 15 ft.tall
and 4 in, thick cantilevers with no intermediate beams or slabs,
representing a one-third scale model of an element of a structural
wall system. A series of 16 tests were reported [1.25]. The specimens
were loaded horizontally by a concentrated force at the top. Mono-
tonic and two different reversing load histories were applied during

the tests. Constant vertical column loads were applied to seven of the
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specimens, while to the rest of the specimens no axial force was
applied. The variables studied in these experiments included: (1)
shape of the cross-section -- rectangular, barbell or flanged; (2)
amount of main flexural reinforcement in the edge members, which in
turn affected the shear to moment ratio; (3) amount of hoop reinforce-
ment in the edge members; (4) amount of horizontal shear reinforcement
of the walls; (5) axial forces; (6) concrete strength; (7) load
history; and (8) construction joints,

A series of eight specimens were constructed, tested, repaired
and retested in Berkeley, resulting in a total of 18 tests which were
presented in three veports [1.17, 1.43, 1.44]. A1l the specimens
were one-third scale subassemblages of the first three stories of a
prototype structural wali. Specimens had a first-story height of 4 ft.
and subsequent story heights of 3 ft. each, Six of the specimens had
barbell sections; the rest were rectangular. All had 3 in. thick slabs
protruding at each floor level. Overall depths were 7 ft. 10 in.

Those with barbell shapes had 10 in. square edge columns and 4 in. wall
thickness, while the rectangular specimens had 4.5 in. wall thickness.
The prototype structures for the barbell and rectangular walls were
ten- and seven-stories high, respectively.

The specimens were initially loaded with equal axial forces on each
of the edge columns representing the gravity forces. Although the
total axial force was kept constant throughout the experiment, the
relative values were varied to simulate the overturning moment effects.
The overturning moment was itself varied in accordance with the variation
of lateral Tcad in such a manner that the moment-shear ratio was

maintained constant. The main parameters of these studies included:
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(1) Toading history; (2) cross-section -- barbell and rectangular;
(3) amount and arrangement of wall reinforcement; (4) magnitude of
nominal shear stress; (5) methods of confining the edge columns; (6)
construction joints and splices; and (7) effectiveness of repair and
retrofitting techniques.

A preliminary assessment of the effects of the basic parameters
governing isolated structural wall response was presented previously
[1.12]. A more detailed assessment is provided below.

(1) Loading History: One monotonic and two cyclic load histories

were applied at the P.C.A. tests. The first cyclic load history
comprised three full cycles of load reversals at a certain load level,
repeated for increasing Tcad levels up to the first yield level of the
wall. A Targe number of cycles at the full yield level of the wall were
then carried out, increasing the displacements, until the failure of
the specimen. The full yield level was defined as the force causing
yield of all flexural reinforcement as observed from the force-
deformation relations of the specimen. The second cyclic load history,
which was synthesized from analytical earthquake response studies of walls,
comprised a repetition of one full cycle with bounds under the yield
Tlevel, followed by another full cycle at full yield. The attained
deformations in both directions were increased until failure occurred.
There were basically two different load/deformation programs in
the Berkeley tests. The so-called monotonic load program actually
incorporated a number of unloadings and reloadings dubing the loading
to the largest displacement that could be attained in one direction
before failure was detected. This was followed by reversing the load
in the other direction for a major one-half load cycle. The cyclic

load program was applied by cycling the specimen with fuli deformation
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reversals a number of times at progressively increasing displacement
bounds.

A comparison of responses gbtained for similar specimens under
different load histories indicates that reversing loads affected the
stiffness, strength, deformation capacity, and failure modes of the inter-
story specimens. Top level displacement ductilities on the order of 10
and 4 and interstory drift magnitudes of 5.5% and 3% were recorded for the
monotonic and cyclic histories, respectively. Monotonic displacement duc-
tilities of this magnitude (10), however, were cobserved to be accompanied by
stability problems. As the displacement in the initial loading direction
induced significantly large cracks, which remained open after unloading,
an attempt to Toad the specimen in the other loading direction resulted
in buckling of the main compression bars.

Cycling induced a degradation of the hysteretic behavior. The
dissipated energy under cyclic load, however, surpassed the energy
dissipation observed under monotonic loading. The detericration caused
by cyclic loading was mainly due to the loss in shear stiffness. An
assessment of the effects of different cyclic loading histories indicates
that the decay in shear stiffness is strongly dependent on the previous
maximum deformation levels rather than on the cumulative deformations
attained in previous cycles.

The overall behavior of the walls under both monotonic and cyclic
load histories was very favorable, as significantly higher levels {in
comparison to similar responses of ductile moment-resisting frames) of
energy dissipation were realized before the appearance of stability
problems. This was attributed to the post-yield deformation prefile
of the wall, where most of the drift was concentrated to the lower

floor(s). The P-8 effect for the same maximum-interstory drift,
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therefore, is less in a tall wall as compared to a ta11‘frame.

Despite the deterioration in the hysteretic behavior produced by cyclic
loading, walls retained a significant portion of the envelope strength
attained under monotonic loading (approximately 80 percent, in general).

(2) The effects of cross section: The barbell cross section was

observed to be superior to the rectangular cross section as the latter
was generally limited in deformation capacity through local, or overall,
out-of-plane stability problems. The barbell shape was observed to be
suitable for incorporating effectively confined edge members which acted
as large dowels and restrained sliding shear of the wall panel. Loss

of cover was not accompanied by a significant loss in the out-of-plane
stiffness for barbell walls, which proved to be a significant factor in
the premature failure of the rectangular walls.

On the other hand, the increased deformation and shear capacity
of the barbell made this type of wall more susceptible to web crushing
type of failure under large deformation reversals. However, even after
web crushing, the effectively confined members provided sufficient
redundancy to resist vertical loading without stability problems. The
behavior of the wall after web crushing was noted to resemble that of a
soft first-story frame with effectively confined short first-story
columns.

The flanged shape was not observed to be superior to the barbell
except for its inherently larger out-of-plane stiffness. From the
detailing point of view, the flanged section poses problems in con-
finement and is susceptible to damage at the interface of web and flange.
Observed ductilities and other hysteretic behavior patterns for flanged
and barbell specimens were similar, which accounted for the fact that

the flanged wall had a significantly Tower yield displacement.
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(3) Edge member confinement: Specimens with spiral and square

hoop confinement as well as ordinary ties at the edge members were
tested. Volumetric confinement percentages of 0.0135 - 0.018 were

used for a majority of the specimens, while others were tested with
ties resulting in 0.22 percent lateral reinforcement. Confining the
boundary members was observed to improve inelastic performance
significantly by restraining buckling of main flexural reinforcement,
increasing the strain capacity and restraining the disintegration of
core concrete, and increasing the shear capacity and stiffness of the
edge members. The most effective form of confinement was observed to
be with spiral reinforcement which provided the best restraint against
bar buckling. Wall with edge member lateral reinforcement of 0.22
percent as compared to 1,35 percent had 22 percent less shear capacity.
Measured maximum shear distortions for the specimen with unconfined edge
members were 15 percent more than the comparable specimen with confined
edge members. The unconfined specimens exhibited significantly less
stiffness and energy dissipation.

(4) Amount and arrangement of wall reinforcement: The effects of

the amount of wall reinforcement were a common parameter in both the
P.C.A. and Berkeley tests. In the P.C.A. study, two specimens, identical
in all respects except for the amount of wall steel, were tested under
the same load history. The specimen containing 2.2 times the horizontal
wall reinforcement had approximately the same strength, stiffness and
endurance as the specimen with less shear reinforcement.

At Berkeley, two specimens, one with half the horizontal and
vertical wall steel of the other, were tested under different load
histories. More wail steel resulted in slightly more deformation

capacity. It was noted that the decrease in wall reinforcement did not
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affect the response characteristics in proportion to the decrease.

- The arrangement of wall steel was noted to be a significant
parameter by comparing the response of two specimens with the same
amount of wall reinforcement, except that the bars in one specimen
were arranged in a 45° inclined mesh, rather than in the standard
vertical and horizontal arrangement. This specimen was observed to
have larger energy dissipation capacity due to larger deformation
capacity and less stiffness degradation.

Spacing of the wall reinforcement was also noted to be a significant
parameter in affecting the crack pattern of the walls. As the shear
carrying mechanism and the failure mode were directly dependent on the
crack pattern, the spacing of the wall reinforcement was noted to be a
more significant variable than the amount of this reinforcement.

(5) Magnitude of nominal shear stress, concrete strength and axial

forces: Different amounts of main flexural reinforcement in the edge
members of the P.C.A. specimens (1.11 to 3.67 percent in general)
resulted in different nominal shear stress magnitudes attained during
the tests (3.7/?§ - 14.1JT§. The nominal shear stresses were calculated
using 0.8 zw as the effective depth of the cross section. Shear stress
magnitudes of 13n4J?z'were attained in the Berkeley tests.

The magnitude of the shear stress was chserved to be the major
parameter affecting hysteretic respense and failure mechanisms of the
specimens. Walls subjected to low shear stress developed horizontal
flexural cracks in the boundary elements which eventually reached and
propagated intoc the web, and practically throughout the whole panel,
intersecting with other cracks and slicing the lower regions of the

walls into several horizontal Tayers. Interlocking and dowel action
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of the edge members were then the main shear carrying mechanisms due to
the horizontal layering of the wall. These mechanisms were sufficient to
develop the full flexural capacity, as all failures of this group of
specimens were due to buckling of compression bars, or instability of
the compression zone, or in the best case, fracture of tension bars.

In walls which developed high shear, the horizontal flexural
crack at the edge member had an inclined crack propagation into the
wall panel, resulting in relatively symmetric compression strut systems
for each loading direction, When these walls were subjected to
sufficiently large lateral displacements producing significant flexural
yielding, all the compression struts focussed in a small corner zone
at the base of the panel and the boundary (edge) member, and failure
for all this group of specimens occurred through web crushing. Under
vigorous cyclic loading the web crushing was accelerated due to the
deterioration of crushing resistance of the concrete at the faces of
intersecting cracks, developed because of loading and/or deformation
reversals. This premature crushing led to the formation of a horizontal
band near the wall foundation that extended across the width of the wall
panel and in which the concrete had been crushed and spalled, and a
mechanism of sliding shear had developed in the wall (being the main
shear resistance offered by the dowel action of the two edge members).

As web crushing appeared to be the dominant factor in limiting
inelastic deformation and endurance capacity of the walls under high
shear reversals, this phenomenon was investigated in detail. Web
crushing was observed to be interrelated to both the shear stress and
loading history, as it was observed to occur only under cyclic loading
and only after a number of loading reversals, whereas a significant

spread is observed in the shear stress values under which this



28

phenomenon occurred. It was therefore concluded that the present

code limitation of\lod?z'for nominal shear stress did not eliminate

the possibility of web crushing when large inelastic response involving
reversals of deformation is expected.

The relation of concrete strength to web crushing was further
investigated by testing two specimens differing only in concrete strength
by'a factor of 2.2. The specimen with the higher concrete strength
developed a shear stress of 10.9/?;; while this value was 13.8¢?z'f0r
the other specimen, the ultimate force capacities differing by only
a factor of 1.17. The changes in hysteretic characteristics, however,
were far more substantial; the specimen with the higher concrete strength
endured twice as many cycles under large deformation and dissipated
approximately three times more energy before web crushing occurred. The
attained displacement ductilities were approximately two and four for
the lower and higher concrete strengths. The implication of these tests
in that the concrete strength had a considerably more significant
contribution to the deformation and energy dissipation capacities of the
specimen as compared to its force capacity. This is natural since the
force capacity of the specimen is controlled by flexure, where concrete
strength does not have an appreciable influence. The concrete strength
is observed to have appreciable influence, however, on delaying the
numerous adverse effects of shear stress on the deformation and energy
dissipation capacity. The specimen with higher concrete strength was
under only 10,9J?g shear stress while the specimen with the smaller
concrete strength was subjected to a shear stress of 13.8#?2} which had
far more detrimental effects to its hysteretic behavior.

Furthermore, the phenomenon of web crushing under deformation

reversals cannot be related to a certain concrete strength or eliminated
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by 1imiting the shear stress. To be realistic and conceptual, any
Timitations on stress and dimensions (web thickness vs. column dimensions,
for stability considerations) should be related to the expected
deformation levels and endurance requirements.

Another factor that was observed to affect the phenomenon of web
crushing was the axial force. Axial force magnitudes on the order of
7 percent of the ultimate capacities of the edge members were observed
to be significantly beneficial in the response. The specimen with
constant axial load of this magnitude had approximately 30 percent more
shear capacity, less pinching under reversals, more rotation capacity
and approximately one-half shear distortion under similar rotations,
as compared to the corresponding specimen with no axial load. The
main beneficial effect of axial load of this magnitude was in increasing
the shear capacity and stiffness of the edge columns. This, in turn,
was instrumental in enacting better hysteretic characteristics and in
increasing the shear capacity of the wall, as this was affected mainly
by the shear capacities of the edge columns.

There is a lack of data on the effects of axial loads of higher
magnitudes and, especially, large tensile forces. The Berkeley tests
were conducted under column axial Toads programmed to simulate the dead
load and overturning moment effects as synthesized from analytical
studies on the prototype and resolved into a couple. The axial loads,
therefore, varied between realistic limits and they were representative
of actual 1oad levels. The failure mechanisms and hysteretic
characteristics were not significantly different from those obtained
in the P.C.A. tests.

(6) Construction joints: Construction joints fabricated according

to existing construction practices performed satisfactorily. The same
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was concluded for lap splices in vertical wall steel located in
critical regions. Proper anchorage of the horizontal reinforcement

into the confined core of the edge member and proper lapping of the

Tongitudinal reinforcement of the edge member are more important than

taps in vertical wall steel or construction joints. Since the edge
members provided the main shear capacity and stiffness of the walls by
acting as extremely effective dowels, once these were cracked, the con-
struction joints were not observed to undergo significant horizontal
shear slippage. This points to another significant advantage of the
effectively confined edge members, since construction joints in walls
without such edge members have been observed to be a main source of
damage and of failure after earthquakes (Section 1.2.1).

~(7) Repaired specimens: The effectiveness of various repair

techniques was investigated by repairing and retesting the walls at
different damage states. The techniques of epoxy injection, replacing
crushed or cracked panels by new concrete, and detailing of the renewed
panel, were studied.

A significant observation was made on repair techniques involving
welding on grade 60 reinforcing bars. Even when all known precautions
were taken during the welding operation {(control of temperature,usage
of the correct electrode, experienced welder) a welded connection
resuited in a severely impaired elongation capacity of the bars at the
connection. It was concluded that welding on a grade 60 reinforcing
bar generally reduces the rupture strain so significantly that breakage

usually occurs as soon as the bar yields.
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In general, if the boundary members retained the integrity of
core concrete, repairs that did not involve welding of main reinforcement
were successful in restoring the capacity of the repaired specimens
close to that of the virgin ones. Although none of such repaired
specimens exhibited early loss of strength or endurance, the permanent
strains that accumulate during initial testing should affect the

endurance of the repaired specimens to a certain extent.

1.2.2.3 Conclusions

(1) The experimental and accompanying analytical studies of slender
isolated structural wall response indicate basic differences between
beam and wall behavior. Walls, although commonly modeled and
conceptually appraised as similar to beam/columns, possess inherently
different load carrying and failure mechanisms. The interactions
between flexure, axial force, and shear, affect wall response differently
than beam or column response.

The major reason for different behavior patterns of beam/columns
and slender walls is the redundancy provided to the walls through
effectively confined boundary members. The boundary members provide
and maintain stiffness to the wall even after loss of their concrete
cover; they restrain shear distortions in general and limit sliding
shear failure by acting as extremely effective dowels. Boundary members
provide a strong, ductile and stable compression zone and are instru-
mental in instituting a uniform crack distribution across the panels,
which improves stress redistribution as well as damping characteristics.
Boundary members improve endurance and energy dissipation capacity of
the walls to the extent that the factor Timiting deformation capacity

becomes web crushing. Even after this phenomenon, the boundary members
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provide sufficient redundancy to maintain vertical load carrying
capacity and an appreciable amount of energy dissipation capacity.
Furthermore, any damaged wall can be effectively repaired as long as
the cores of the boundary members retain their integrity.

(2) The effects of different deformation mechanisms, mainly
flexure, shear and bond (fixed-end rotation or rotation concentration
at the foundation level) on the total inelastic deformation of the walls,
were not of the same order of importance as observed in beams. In the
walls, shear deformations and fixed-end rotations constituted
approximately 40 and 10 percent of the total top displacement under
monotonic loading. During cyclic loading, the contribution of shear
deformation increased to as much as 87 percent of the total top
displacement. The corresponding roles of shear and fixed-end rotation
deformation components are reversed in beams.

(3) A1l test specimens exhibited more flexural strength than the
design strength. The maximum increase was on the order of 30 percent,
attributed mainly to the strain hardening of flexural reinforcement.
Similarly, significant increases in the actual shear
capacities as compared to design shear values, on the order of 30 to
50 percent, were observed. This is due to a prevailing misconception in
the evaluation of shear strength of walils with boundary members.
Current code expressions for shear strength computation are based on
beam behavior under monotonic loading. The relative contributions of
confined edge members as dowels in compression and tension, panel
steel, concrete strength, and the effects of force and deformation
reversals, are not incorporated in estimation of the shear strength
and deformation capacity of walls. Furthermore, limiting the nominai

shear stress toc a ¢ 10%?; although desirable,is not rational. First
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because this Timitation cannot eliminate the web crushing type of
failure under deformation reversals,and, second, because considerably
higher shear stress, on the order of 14/?2', were attained in the tests.

(4) The observed behavior of slender walls with well-confined
boundary members was extremely favorable as far as strength, stiffness,
endurance, deformation capacity, and energy dissipation were concerned.
Present seismic code provisions which prescribe a higher horizontal
force factor (k factor) for buildings incorporating such walls, are
questionable.

Another observed misconception in the current code provisions is
related to the prescribed distribution of horizontal forces. As the
shear design of members of ductile moment-resisting space frames is
based on the ultimate flexural strength that can be developed in the
member, the distribution of horizontal forces is not significant in
preventing shear failure. However, the shear design of walls is not
based on the flexural capacity, but on the design base shear, as
obtained from the prescribed external forces. The present practices of
increasing the load factor in shear design and limiting shear stress to
¢ 10/?Z‘do not eliminate the possibility of shear failure because
actual horizontal force distribution can be quite different than that
assumed by code. The significance of the distribution of lateral
forces in design is investigated in subsequent sections of this report.

1.2.3 Previous Experimental Studies of Connecting Girders of Coupled
Shear Walls

1.2.3.1 General
There is ample literature on the cyclic load behavior of rein-
forced concrete beams which are slender (moment arm to effective depth

ratio of 3.5 or more) and/or under low shear (nominal shear stress less
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than GJf:), Many of the existing beam tests were carried out to study
the behavior of beam elements of ductile moment-resisting space frames
(DMRSF). Accordingly, the dimensions, longitudinal and shear
reinforéements and Toading programs were modelled after the observed
characteristics of such beams.

Recent studies on the coupling beams of reinforced concrete shear
walls have demonstrated that the general dimensional characteristics,
shear stress and deformation, energy dissipation and endurance demands
of these elements are quite different from the conventional DMRSF
elements [1.12, 1.27]. The coup]ﬁng beams are generally (1) deep
(moment arm to effective depth ratios of one or less were abserved to be
common); (2} under shear stresses considerably larger than those of
DMRSF beams (nominal shear stress magnitudes of GJfg'and more are
frequently encountered); (3) subjected to significantly large

inelastic end rotation demands (40 x 10"3 rads. and up to 90 x 10_3

rads. were observed[1.27] ; and (4) subjected to a significantly Targe
number of yield excursions or inelastic rotation reversals (effects

of higher modes of vibration were observed to cause a larger number of
force reversals in the connecting beams than the walls [1.22]).

The basic parameters affecting the behavior of coupling bheams and
main conclusions of research on these elements carried out in Berkeley
[1.11, 1.21], by the P.C.A.[1.7], Canterbury [1.28] and a number of
other institutions [1.22, 1.33. 1.45], are summarized in the following
sections. '

1.2.3.2 Parameters Affecting the Behavior of Reinforced Concrete Coupling
Elements of Coupled Structural Walls

(1) Moment arm to effective depth ratio (a/d ratio): Although, in

general, a wide range of a/d ratios may be encountered for coupiing beams,



35

the stiffness demand from these beams for "efficient coupling" usually
resylts in a/d ratios of less than 2. Tests in Canterbury, New Zealand,
incorporated specimens with a/d ratios less than unity [1.28], while the
Berkeley specimens had a/d ratios of approximately 3 [1.11], and the
P.C.A. specimens had 1.4 and 2.8 for the a/d ratio [1.7]. More recent
tests, carried out in Canterbury, New Zealand, investigatihg "sTab
coupling” on specimens with a/d ratios greater than 3, were reported
£1.39].

In general, the a/d ratio defines the relative contributions of
the beam and arch actions to the shear resistance of reinforced
concrete beams. The arch action contributes significantly to the shear
capacity of beams with a/d ratios of less than 3. It was observed by
Paulay [1.28] that the behavior of beams which had a/d ratios
approaching unity was considerably different from more siender beams
under deformation reversals. Both the compression and tension rein-
forcement in the deep beams were observed to be in tensicn as a result
of diagonal cracking. Continued deformation reversals induced
significant residual tensile strains throughout the depth of the beam
leading to the "sliding shear" type of failure. Furthermore, diagonal
cracking resulted in the Toss of shear stiffness which contributes more
to the total stiffness of such beams than the flexural stiffness.
Consequently, inelastic deformation reversals of deep beams with
conventional reinforcement was accompanied by a severe drop in stiffness
and prompt loss of strength and, consequently, of energy dissipation
through sliding shear,

Tests on "slab coupling" in the same institution [1.39] have
resulted in a number 6f conclusions on the effectiveness of such coupling

and behavior patterns of coupling elements which are short but also
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slender so that the a/d ratios approach 4.

One important conclusion reached after reversed loading tests with
an extremely severe loading program (over 30 full cycles, with displace-
ment ductilities approaching 10 at the later cycles) was that the
elements exhibited severe stiffness degradation starting with the early
cycles. Stiffnesses of 10 percent of the initial elastic stiffness
were characteristic after a number of load reversals. This was
associated with torsional effects encountered due to the slenderness
of the coupling elements.

The effective width of the slab that can be relied on to couple
structural walls was cbserved to be significahtly smaller than that
given by a number of previous analytical studies. For modeling
purposes, a slab width equal to the clear distance between the two
coupling walls was suggested. For estimating the stiffness of this
coupling element, using 20 percent of the gross uncracked moment of
inertia was suggested.

The concentration of shearing stress at the edge of the wall and
slab Ted to punching shear problems. This would be characteristic
in cases where the width of the coupling element is much larger than
the width of the wall and special detailing would be necessary at the
interface. One test of the series was carried out by incorporating a
shallow beam in conjunction with the slab and perpendicular to the walil
at the wall edge. The a/d ratio for this specimen was on the order
of 1.5. This specimen exhibited an uncommon horizontal shear failure
in the beam which 1imited the imposed deformations during the test.

It was concluded that continued research on beam and slab coupling

Was necessary.
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In conclusion, the a/d ratio of connecting elements appears to be
a major parameter affecting the failure mechanism of the element in
general. Closely associated with this parameter is the shear stress
and the arrangement of the longitudinal and transverse reinforcement
and detailing at the interface of the wali.

(2) The nominal shear stress: The maximum nominal shear stress

realized in the couypling element under deformation reversals is
another significant parameter affecting the hysteretic characteristics
and failure mechanisms of these elements.

The maximum shear stress is a function of the a/d ratio, the
flexural reinforcement ratio and detailing, and the yield strength
and strain hardening characteristics of the flexural reinforcement.
The smaller the a/d ratio, the larger the shear stress, since the
arch action contributes to the shear capacity in addition to the
standard beam mechanism in resisting shear [1.26]. The larger the
flexural reinforcement ratio and the yield strength, the larger the
shear stress, since the shear force that can be developed in a
flexural member is directly related to the flexural capacity of
the member through statics.

Previous studies have demonstrated that beams under load
reversals, designed according to the present seismic code for the high
seismic risk regions, failed in a flexural mode for shear stress
magnitudes of SJ?E’ or less. Buckling of compression reinforcement
was the typical failure mechanism. The Bauschinger effect in steel
and "closing of the crack" are the main sources of degradation in

hysteresis.
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Shear stress magnitudes between 3¢?Z'~ 3.5v?zf1nduce flexural-shear
failures. Shear emerges as the reason behind the pinching and decay of
hysteresis. Shear.stresses of magnitudes 3.5/?2'- 6/?Z'start to induce
the "sliding shear” type of failure and 1imit energy dissipation through
severe decay of stiffness. Effective confinement to restrain the
disintegration of the core can prolong shear capacity and energy
dissipation capability under deformation reversals. However, providing
a sufficient amount of transverse reinforcement is not adequate to
preserve stable hysteretic characteristics under cyclic load at large
deformation levels,

Shear stress magnitudes of larger than 6J?Z'are detrimental in
hysteretic response. Conventional reinforcement arrangements are not
succeséful in restraining sliding shear failure which can occur after
a féw deformation reversals. One possible remedy for the detrimental
effects of high shear is to limit the flexural capacity of the cross
section and thus to keep the possible maximum shear stress that can
develop to a tolerable level [1.9]. If two consecutive hinges develop
along a beam, the shear is 1imited by the flexural strength at the
plastic hinges. The designer, however, may not be able to take
advantage of this possibility due to other restraints.

The second possible remedy for the effects of shear is to resort
to using reinforcing patterns that are different from the conventional
ones.

(3) Arrangement of flexural and shear reinforcement: A number of

different reinforcing schemes for beams with small a/d ratio (less
than 3) and/or high shear (over BJ?E ) were suggested and tested under
load/deformation reversals [1.11, 1.33, 1.28]. These are summarized

below.
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(a) Intermediate longitudinal bars [1.33] -- Using intermediate
longitudinal bars as shear reinforcement was observed to improve the
hysteretic response of beams subjected to shear stress magnitudes
between 3/?Z'and BJ?Z . Hysteresis was stabilized and endurance was
improved with two intermediate layers of longitudinal bars in addition
to the ACI 318-71 specified lateral reinforcement. These bars formed
an improved cage to maintain the integrity of the core, Beams with
shear stress  Tlower than 3/?: performed satisfactorily with only the
code specified ties, while beams with shear stress magnitudes of
over 6¢?§’d1d not perform well, regardless of intermediate Tongitudinal
bars and ties.

(b) 45° diagonal bars -- Tests of beams with 452 inclined diagonal
bracing bars were carried out at Berkeley [1.11] and by the P.C.A. [1.7].
The a/d ratios of the specimens were 3 and 1.4, respectively. In the
Berkeley specimen, the diagonal bars were placed in addition to the
existing longitudinal reinforcement and double ties, and were capable
of resisting the entire shear. The diagonal bars were especially
restrained by close double ties at the regions where they were bent.
This beam performed exceptionally well even under shear stress levels
of 6.2%?2‘. Pinching in the force-displacement hysteresis was 1iterally
eliminated under a vigorous cyclic program with progressively increasing
disptacement bounds.

The comparable beam with only longitudinal reinforcement and double
ties did not perform as well under the same load program. Shear stress
magnitudes of 5.8¢?z'were attained for this beam, which resulted in
pinching and severe loss of strength under cycling at deformation levels

approximately 5 times that of yield.
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In the P.C.A. specimens, one and two of the longitudinal bars
at top and bottom were bent 45° at the hinging region of the beam. HNo
special effort was made to restrain these bars at their bending points;
the same tie spacing was provided along the beam. These specimens
behaved even worse than the comparable longitudinally reinforced beams,
due to the loss of support for the diagonal bars at the bent locations.
The stirrups provided could not restrain the diagonal bars where they
were bent at the top and bottom of the beam. Shear stress magnitudes
of 7/?2‘ - 9¢?g'were realized for these specimens which exhibited
severe pinching and Toss of strength.

The assessment of the results of the Berkeley and P.C.A. tests on
this reinforcing scheme indicates that this type of reinforcing requires
uncommon attention to detailing and workmanship to be effective. As the
conventionally reinforced counterparts of these specimens were not
totally satisfactory, and, as another, simpler reinforcing scheme of
installing full-length diagonal reinforcement was proved exceptionally
successful, particularly for beams having a/d ratios smaller than two,
the use of 45° diagonal reinforcement may not be justified for these
types of coupling beams.

(c) Full-length diagonal reinforcement -- Full-length diagonal
reinforcement as the main moment and shear carrying mechanism was first
tested by Paulay [1.28] and was demonstrated to be successful in
eliminating siiding shear in beams of a/d ratio less than one. Later
this reinforcement, which is equivalent to embedding a steel truss in
concrete, was shown to be effective for more slender beams, even for
a/d ratios of 3.33 [1.2]. Beams with such reinforcement and a/d ratios
of 1.4 and 2.8 were tested by the P.C.A, [1.7] and were observed to main-

tain stable hysteresis at shear stress magnitudes of 10.9J?:.
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In the tests carried out by Paulay, prototype coupling beaﬁs
with 12 in. and 30 in. cross sectional dimensions and 3 ft overall
length were reinforced with conventional longitudinal bars or full-
Tength diagonal struts. Each of these struts was formed by a bundle
of reinforcing bars. The a/d ratio for the beams was 0.7. The
conventionally reinforced beam failed after one post-yield cycle due
to sliding shear. The specimen with full-length diagonal bars was
designed assuming that a truss mechanism, formed by the diagonal bars,
would carry the total shear. The theoretical ultimate load was
realized and the beam sustained a large number of load cycles at
significant deformation levels with ideally stable hysteresis. End
rotations close to 0.1 radians were attained for this beam.

It was concluded that the success of full-length diagonal reinforce-
ment was dependent on restraining the buckling of compression bars of
the truss. Adequate spiral or hoop reinforcement around the bundle
of bars forming the legs of this truss was suggested for this purpose.
Adequate concrete cover on the sides to restrain out-of-plane
stability of the reinforcement was also observed to be a critical
factor in developing the full capacity of the reinforcement.

Tests carried out by the P.C.A. [1.7] on full-length diagonal
reinforcement utilized specimens with 4 in. by 6.67 in. cross
sections and full span Tengths of 16.67 in. or 33.33 in. The a/d
ratios of the 1/3-scale model specimens were 1.4 and 2.8, respectively.

The beams were reinforced by hoop reinforcement capable of resisting
the total expected shear. The diagonal bars were designed by the truss
analogy as suggested by Paulay [1.28]. The test program was
exceptionally severe, comprised of a succession of three full cycles

of deformation followed by another three cycles, with increasing
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deformation bounds for each set of cycles. Both beams behaved
exceptionally well with no pinching of hysteresis or loss of strength
until the bars buckled and subsequently fractured within the beam-wall
interface where no hoops were provided. Shear stress intensities of
10.9J?€ and 5.3%?2’were realized for the short and longer beams,
respectively.

Comparable beams with conventional longitudinal reinforcement
developed shear stress of 10.3¢?z‘and 3.5/?Z'for short and longer
beams, respectively. . These beams exhibited severe pinching and loss
of strength, which was more critical in the response of the shorter
beam. Both of these beams failed through sliding shear in spite of
the hoops that did not yield under the maximum shear.

Studies carried out at the Middle East Technical University [1.2]
had the objective of testing the effectiveness of full-length
diagonal reinforcement in more siender beams where this type of rein-
forcement may be used in conjunction with conventional longitudinal
reinforcement. Test specimens had 9.8 in. by 19.6 in. cross sectional
dimensions and a/d ratios of 3.33. Two test specimens had the same
number of either diagonal or longitudinal bars, while two others had
different ratios of diagonal and longitudinal bars, the total
reinforcement remaining the same. Al11 the beams were designed for the
same strength, which was found by superposing the contribution of
diagonal bars, computed as a truss, and the contribution of the long-
itudinal bars as a reinforced concrete beam. The tnfa1 compression or
tension steel ratios were one-half of the balanced, individually.
Lateral ties in accordance with the ACI 318-77 were provided to all
specimens. The loading program was comprised of four full loading

cycles at a displacement of approximately three times the average yield
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displacement followed by four cycles at five times the average yield
displacement.

The specimen with only longitudinal steel attained a shear stress
of 4/?§ and failed through a flexural shear mechanism (resulting in
sliding shear), exhibiting severe pinching and a 30 percent drop in
strength., The diagonally reinforced specimen did not exhibit as much
strain hardening and attained a shear stress magnitude of 3.5#?21 The
hysteretic characteristics were excellent, similar to those of a steel
coupon under cycling stress. A1l specimens developed their computed
ultimate strength, indicatingrthat the contributions of longitudinal
and diagonal bars may be superposed for an estimate of the total
strength when both types of reinforcement are used together.

Although, for beams that are as slender and under shear stress
magnitudes of less than 6%?2', adequate hysteresis can be obtained by
increasing the confinement reinforcement, these tests indicate that
full-length diagonal reinforcement can also be used with less dependence
on ties and still yield extremely favorable hysteretic characteristics.
In certain applications, diagonal reinforcement may be easier to
assemble than extremely close multiple-tie reinforcement, also enabling
a better quality control in the placement of concrete. Use of this
reinforcement in slender beams resulted in less deformation hardening
than the one with longitudinal steel, due mainly to local buckling
effects within the cracks at the interface of the beam and wall. However,
the shell concrete did not spall, and the overall damage to the beam
was considerably less in the case of the diagonal reinforcement.

A significant requirement in utilizing the full advantages of
diagonal reinforcement was observed to be adequate anchorage of the

bars in the walls. Since these bars are strained more uniformly along
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the length of the beam as compared to longitudinal bars, the overall
elongation of the beam may be significant. Even in the case of proper
end anchorage of the diagonal bars, growth of the beam due to local

slippage was observed.

1.2.3.3 Conclusions

The seismic demands from coupling elements of coupled structural
walls are especially severe, in terms of inelastic end rotation
magnitudes and number of post-yield deformation reversals. These
elements, therefore, require special attention to detailing, especially
when the a/d ratio is smaller than 3 and the expected ultimate shear
stresses are on the order of GV?ZZ The most successful scheme for such
beams is to arrange the main flexural reinforcement in a diagonal
manner, forming a steel truss mechanism within the beam. Such an
arrangement was observed to enhance hysteretic characteristics of slender
horizontal beams, with a/d ratios as large as 3.33 (when used in
conjunction with regular reinforcement), and may be the only successful
solution in the case of deep beams with smaller a/d ratios. The
critical region in the use of this detailing scheme is the beam and
wall interface, where buckling of compression bars within a large crack
should be restrained by effective confinement. For significantly deep
beams, out-of-plane buckling of thése bars due to insufficient side
cover was also observed as a problem. These problems, however, can
be handled through careful design and detailing.

Use of extremely slender coupling elements, such as slabs, was
also observed to pose critical problems. The punching shear effects
at the interface of wall and slab, as well as the loss of stiffness

due to torsional effects, were observed to be significant problems.
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Moreover, the stiffness provided by slab coupling was not observed

as sufficient to consider the walls as coupled structural walls.

1.2.4 Review of Experimental Research on Coupled Structural Walls

1.2.4.1T General Remarks

Experimental data on the seismic response of coupled walls is
extremely limited. Two tests on 1/4-scale 7-story coupled walls were
carried out at the University of Canterbury, New Zealand. The basic
parameter in these tests was the arrangement of reinforcement in the
coupling beams [1.32]. Preliminary results of two tests on a 1/3-
scale 6-story coupled wall model were reported by the P.C.A. [1.4].
The basic parameters in these tests were the strength and stiffness
of the connecting beams. A series of "earthquake simulator" tests on
the response of coupled structural walls has been underway at the
University of I11inois at Urbana-Champaign. Four approximately 1/12-
scale 10-story models and six 6~story models with the same scale were
tested in this institution [1.5, 1.20].

Apart from these investigations, to the writers' knowledge there
has been no comprehensive experimental study on the seismic response

of reinforced concrete coupled structural walls.

1.2.4.2 The University of Canterbury Tests [71.32]

The test specimens represented a 1/4-scale model of a chosen 7-
story prototype, with a symmetrical, 2-wall, coupled system. The
overall aspect ratio (h/D) of the system was 3.43. The connecting
beams were extremely stiff for this aspect ratio, with a/d ratios of
0.65. This topology was claimed to be typical of New Zealand practice.
The specimens had wall sections of 4 in. by 24 in. and a total height

of 18 ft, with beam dimensions of 3 in. by 12 in. and clear length of
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1 ft 3 in.

The walls did not have confined edge members; they contained ten
#5 bars on the outer, and two #5 bars on the interior faces as main
flexural reinforcement at the base. The beams had two #3 bars, top
and bottom, in one of the specimens. These bars were arranged in a
diagonal fashion in the other specimen. The two walls were prestressed
along the center line by cables, representing the dead load, to a stress
of 260 psi, which was kept constant during the tests.

The specimens were loaded at three points, resulting in a triangular
load distribution in accordance with local code provisions. The old
Japanese system of incorporating a dummy specimen to maintain base
fixity through symmetry was utilized. Four Toad cycles below yield were
followed by a number of fully reversing load cycles at the ultimate load
capacity of the system. The ultimate load capacities of the specimens
were observed to be approximate]y 20 percent larger than the computed
values, which was attributed to the strain hardening of the main wall
reinforcement.

In the specimen with conventionally reinforced coupling beams, first
beam yield started at approximately 45 percent of the observed ultimate
load. About half of the beams @t the lower stories)yielded by 50 percent
of the observed ultimate load. The other beams yielded at later lead
stages. The initial {cracked) loading stiffness of the system was
maintained exceptionally well until the first yield in the walls (tension
wall). The increase in load capacity after first wall yield was 35
percent; however, the stiffness of the system was almost completely lost
during this last increment of the lateral Toad. The average
stiffness of the system was approximately twice the computed uncoupled

stiffness of the walls, based on cracked sections. It was also
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approximately one-third of the computed coupled stiffness, based
on uncracked gross cross sectional properties.

The force-displacement hysteresis of the specimen with convention-
ally reinforced beams exhibited a siight pinching and approximately
20 percent loss in load capacity during the fourth Targe displacement
reversal. Displacements approximately three times the yield displace-
ment were attained for both loading directions during the large
deformation reversals. Although the hysteresis obtained for this wall
was observed to be "inferior" compared to the hysteresis demonstrated
by the second specimen, it appears to be adequate in terms of stiffness,
strength, energy dissipation, and endurance.

The axial force components of the walls were estimated to provide
70 percent of the total overturning moment capacity. As a consequence
of this major contribution, the hysteretic characteristics of the system
are affected by the hysteretic characteristics of the beams considerably.
This is apparent from the low stiffness around the zero load region
(for load ranges + 20 percent of ultimate) followed by a stiffness
similar to the initial loading stiffness, up to approximately 80 percent
of the ultimate lToad. The beams were observed to exhibit a "sliding
shear" behavior which reflected on the hysteretic characteristics of
the system.

The second~floor beam was observed to be the critical beam.
Rotations on the order of 0.085 radians, corresponding to a rotational
ductility of 12, were recorded for this beam. During the final load
cycle in which compiete plastification of the system occurred, beams
between the second and sixth floors had similar rotations. During this
cycle, the elongation in the second floor beam reached 0.16 inches

(strain of 1%).
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An extremely significant aspect of coupled wall behavior, the
portion of the total shear resisted by the tension and compression
walls, was unfortunately not investigated through experimental
observations and measurements. Failure of the wall was initiated by
crushing of concrete in the compression corner of the tension wall,
followed by severe shear slip at the base of this wall, with reinforce-
ment at the damaged corner buckling in the direction of the slip. The
compression wall, however, maintained approximately 75 percent of the
ultimate load capacity at a very large deformation at the top of the
wall of 14 in., even after failure of the tension wall. It was
concluded that the dowel capacity of the failed tension wall contributed
to the remaining shear capacity, to some extent, at the final stages
of loading. Whether the failure of the tension wall can be considered
as web crushing or as a standard compression failure, is not very clear.
The report mentions that the cover concrete “spalled off*,

The specimen with diagonally reinforced beams was able to sustain
one more large displacement cycle than the first specimen. The appearance
of the force-displacement hysteresis of this structure implies significantly
better overall hysteretic characteristics. No pinching is apparent, and
the energy dissipated through cycling within ultimate force bounds
increases with cycling, with no loss of load capacity. This specimen
developed approximately 1.2 times the computed ultimate strength, similar
to the first specimen. The first beam yield commenced at 33 percent of
the observed ultimate load. First yielding in the wall occurred at
approximately 63 percent of the ultimate load. The stiffness did not
deteriorate as rapidly after the first yield in the wall as in the first
specimen, and the overall deformation hardening characteristics appear

to be better. The average (yield) stiffness of the coupled wall system
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was approximately one-half of the stiffness based on uncracked gross
cross sectional properties. Displacements approximately 10 times the
first yield displacement (or 5 times the "effective yield" obtained by
intersecting an average secant and the strain hardening branch) were
attained in both loading directions with no decrease in the load
capacity.

The failure of the second specimen occurred through instability
of the compression wall. This wall kinked and buckled in the out-of-
plane direction at its base due to an initial form error.

The diagonally reinforced coupling beams were concluded to be
extremely effective in maintaining strength, stiffness, and energy
dissipation of the structure during large deformation reversals. As
in the first test specimen, the second-story beam, was the most stressed
beam during lTow deformation cycles. Unlike the first test specimen,
however, the first-floor beam was observed to be subjected to the
largest rotations during high deformation cycles, with rotational
ductilities approaching 16 (maximum rotation 0.05 radians}. Another
difference in beam response in the two tests is observed in the
distribution of beam deformations along the height of the structure,

In the first test specimen, the beams above the second floor had similar

end rotations during the large deformation reversals. The beams of the
second specimen exhibited end rotation magnitudes varying almost

linearly from 0.05 to 0.025 radians along the height of the structure,

the largest value attained for the first-floor beam, during the final
deformation cycle. This may indicate that the first-floor beam

maintained its strength until the termination of the test due to instability
of the compression wall. A photograph of the specimen taken after the

test does not indicate much distress in this beam.
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The growth of the diagonally reinforced beams surpassed the
elongations recorded for the conventionally reinforced beams. Second-
and third-floor beams had elongations of 0.55 inches, corresponding
to a strain of 3.7 percent. |

The main conclusions derived from these tests can be summarized as
follows:

(1) The detailing of the connecting beams influenced the overall
force-deformation relations and hysteretic characteristics of the coupled
wall systems to the extent that the observed hysteretic characteristics
of the system were reflections of those of the beam. Such an influence,
however, should not be generalized to all coupled wall topologies. The
test specimens resembled slender perforated cantilever beams, with an
overall aspect ratio of 3.43 and coupling beam span to depth ratios of
1.25. Furthermore, the coupling beam strengths were such that 70
pecent of the total overturning resistance was provided by the coupling
action. Both the stiffness and strength characteristics of the coupling
beams relative to the walls are major parameters, resulting in the beam
response governing the overall structural response.

(2) The conventionally designed beams of the first specimen developed
nominal shear stresses of 6.5/f] and failed in sliding shear. The
behavior of this system, which may still be considered as adequate for
certain earthquake demands, was significantly inferior to the second
system with diagonally reinforced beams. The second specimen dissipated
approximately twice the energy dissipated by the first specimen under
a similar deformation history. Furthermore, the resulting damage to the
beams of the second specimen was considerably less.

(3) Both specimens behaved in a flexural mode. This was evident

from the contribution of bending deformations to the top displacement.
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Near the ultimate load, this contribution was approximately 80 percent.
For different structure vs. beam aspect ratios, different modes of
behavior should be expected. The nominal ultimate shear stress in the
walls, assuming equal shear contribution and using 0.8 dw as effective
depth, was 5.71/?2 for each wall. In U.S. practice, values up to "¢10/ﬁ?‘
(7.5/?2) are permitted by the code.

(4) The walls were rectangular in cross section with no confined
edge members. Horizontal wall steel was arranged as simple stirrups
bounding the complete wall cross section. Furthermore, the flexural
steel at the interior wall faces was one-fifth of the steel at the
exterior faces, complying with the results of elastic analysis. As the
beams of the first specimen lost strength through cycling, the demand
for reinforcement at the inner wall faces increased. Furthermore, the
absence of confined edge members resulted in a severe degradation of
concrete at the wall hinging regions, All these factors contributed
to the early failure of the tension wall of specimen 1. The capability
of the compression wall of maintaining 75 percent of the ultimate
shear after the failure of the tension wall is remarkable. This is
another indication that the shear strength of concrete walls is not
correctly estimated by existing approaches.

The inherently small out-of-plane stiffness of the rectangular
cross section is further demonstrated by the stability failure of the
second specimen.

(5) Throughout the tests of both specimens, a significant amount of
shear transfer from the tension wall to the compression wall was observed.
Although this transfer was not quantitatively assessed, the compression
wall was estimated to resist 75 percent of the shear at large deformations.

This transfer has extremely significant implications because, for coupled
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shear walls designed for a higher shear to moment ratio, the compression

wall may not tolerate the increased shear demand, fafiling in brittie

shear-compression. A correct assessment of the actual shear capacities
of walls under different magnitudes of axial forces is therefore
absolutely necessary to determine the permissible shear in isolated and
especially in coupled shear walls. As the shear capacity of a wall
depends not only on the strength of the materials but more significantly
on deformation levels and history, such an assessment should incorporate

expected deformation levels and number of inelastic deformation excursions.

1.2.4.3 Tests of a Six-Story Coupled Wall

Preliminary findings on two tests of a six-story coupled wall
specimen were reported by the P.C.A. [1.4]. The specimen had two
symmetric rectangular walls 4 in. thick, 6 ft 3 in. wide and 18 ft tall.
The clear span of the connecting beams was 16.67 in. The specimen was
not modeled after a prototype, but was assumed to represent a 1/3-scale
model of a coupled wall system, with stbry heights of 3 ft in fhe model.

The connecting beam dimensions in the first test were 6.67 in. deep
and 4 in. wide. After the first test, these were repaired intoc larger
sized beams of 8 in. depth and 10 in. width. The overall aspect
(height/width) ratio of the system was 1.33, with coupling beam span
to depth ratios of 2.5 and 2 for the original and repaired beams,
respectively. The strength and stiffness of these beams were considered
to represent two extremes in the coupling strength and stiffness for the
two walls. The design shears for the weaker and stronger beams were
5.8J?Z"and QVSJ?Z » respectively. The measured contributions of coupiing
action to the total ultimate base moment were 10 percent and 30 percent

in the two tests. The beams for both of the specimens were provided
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with web reinforcement corresponding to the design shear stress,

based on the computed maximum strength of the beams, without considering
the code capacity reduction factor or the actual strain hardening

of the reinforcing steel.

The walls had confined boundary members, each one having 4 percent
Tongitudinal reinforcement. Horizontal steel in the walls was sufficient
to resist a calculated ultimate shear force corresponding to a
mechanism consisting of yield at the ends of the coupling beams (but no
strain hardening) and 1.25 times the flexural ultimate strength of the
walls at the base. The specimens were provided at each floor level
with a floor slab stub 2 1/2 in., thick and 7 ft 4 in. wide. Each of
the specimens tested was loaded Taterally at the top slab level with
concentrated forces applied equally to both walls. No axial forces
were applied to the specimen.

The loading program for the first specimen consisted of three
load reversals below the yield level of the coupling beams, followed
by three reversals with sufficient intensity to yield all the coupling
beams and both walls at the bases. This loading program was repeated
on the repaired specimen and followed by eight more load reversals,
four of which were of sufficient intensity to induce yielding of the
strengthened beams between the third and sixth floors. The last four
cycles yielded the remaining beams and developed the ultimate capacity
of the walis.

Following are some of the main observations and conclusions from
these tests:

(1) The flexible coupling beams in the first test resulted in a

coupling action which provided only 10 percent of the base moment
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capacity. This system behaved in a similar manner to two isolated
walls, loaded side by side, after 25 percent of the ultimate load of
the system was reached. Comparing the stiffness and strength
characteristics of one of the piers of the coupled system to a comparable
isolated wall tested previously [1.6], the initial stiffness of the
coupled wall is approximately three times the stiffness of the isolated
wall, After cracking and yield in a majority of the coupling beams,
which occurred at 25 percent of the "system" yield load, the stiffness
'.of the coupled wall is very close to the stiffness of the isolated wall.
The maximum load applied at the top of each of the walls of the coupled
system is approximately 5 percent larger than the ultimate 1oad of the
isolated wall.

The sequence of yield in the coupling beams was top beam, third-,
fourth-, fifth- and second-floor beams, consecutively. These beams
yielded within 30 percent of the system yield load. The first-floor
beam yielded within 10 percent of the system yield load. Three load
cycles at the full yield load of the system resulted in extensive
damage to all the beams. A significant separation between the walls
at the openings is reported, which was an indication of the "growth"
of the coupling beams, accentuating their deterioration. At the end of
this test, the walls exhibited widespread cracking, especially in the
first three stories, with horizontal finely spaced flexural cracks on
the boundary members and inclined cracks on the panels. The maximum
nominal shear stress attained was 4.4¢?z'for the first test.

(2) The stiffer and stronger beams in the second test resulted in
a coupling of 30 percent at the ultimate load. The overall stiffness
and strength of each of the individual walls of this system were

approximately 30 percent more than the stiffness and strength of a
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comparable isolated wall, according to tests carried out previously on
similar isolated walls. The sequence of yield in the beams was the
fourth-, fifth-, third-, sixth-, second- and first-floor beams. Beam
yield started at approximately 70 pércent of the ultimate Toad and was
concluded just prior to the failure load.

The specimen endured eight full load cycles at the ultimate load,
corresponding to the yield of all the beams but the first-story beam.
During the eighth cycle, web crushing ¢f the compression wall occurred
after yielding of the remaining first-story beam. The compression wall
was subjected to 42 percent of its balanced axial load at the yield of
all the beams. The tension wall exhausted 63 percent of its pure
tensile yield capacity due to the beam shear forces at the yield of all
the beams. The top deflection of the compression wall was 3.8 in. at
web crushing. The comparable isolated wall had a maximum top deflection
of 6 in., while failing through sliding shear. The maximum load
applied to the coupled wall system at web crushing correspond to a nominal
shear stress of 6.8/?2 on each wall, based on 0.8 times the depth of the
wall. The shear transfer from the tension wall should have increased
the shear of the compression wall to a level substantially higher than
6.8%?2'.

The walls exhibited significant lateral expansion durina the test
because of lateral growth caused by the diagonal crack pattern,

(3) The most significant assessment on the results of the two tests
is the adverse results of "over-coupling” walls under significant shear
stress. Although even the extreme coupling of the test specimen contri-
buted to only 30 percent of the base ultimate moment capacity as
compared to 70 percenf in the New Zealand tests, this was sufficient to

Timit the deformation capacity of the system significantly. Compared
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with the test results on the isolated wall, the deformation capacity
of the coupled system was only 63 percent of the isolated wall. The
strength increase of each wall due to coupling, on the other hand,
was only approximately 30 percent.

It appears that a "reserve" shear capacity is required in the
shear design of the walls of a coupled wall system. This "reserve"
shear capacity should be related to the strength of the coupling beams.
Because of the shear transfer from the tension to the compression
wall, a significant reduction in the deformation capacity may be caused
by premature web crushing in the compression wall. . Unless the walls
have sufficient reserve shear capacity for expected transfers, or
uniess the gravity force magnitude is sufficient to overcome the uplift
in the tension wall, strong coupling or even just Tight coupling may be
detrimental to the seismic behavior of the system. The effects of the
gravity forces (dead and 1live) were neglected in these tests. These
effects appear to be extremely significant in influencing shear
strength.

These conclusions increase the significance of the problem of
assessing the actual shear capacity of an isolated wall when subjected
to variable axial forces and to large deformation reversals., Without
conceptual and reliable means of predicting the "true" shear capacity,
a realistic coupled wall design is difficult unless large overstrength

in shear is supplied.

1.2.4.4 The Farthquake Simulator Tests on Small Coupled Shear Wall Models

Four 1/12-scale, 10-story coupled wall systems [1.5] and six 1/12-
scale, 6-story coupled wall systems [1.20] were tested on the earthquake

simulator at the University of I1linois at Urbana-Champaign. One of
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the six-story specimens was tested under static loading [1.20]. 1In
addition to the analytical objectives of generating data for subseguent
analytical investigations and verifying whether the observed structural
responses justify the applicability of simple analysis and design
schemes, a number of design parameters were studied.

The major design parameter in the first series of tests was the
strength of the coupling beams. The overall aspect ratio of the walls
was 5, while the span to depth ratio of the beams was 2.67. The
specimens were designed with the "substitute structure" approach where
the elements of the real structural members are modeled as linear
elements with comprehensively computed flexural stiffnesses reduced by
a "damage ratio" equivalent in concept to a "ductility ratio". In
the design, damage ratios of 1 and 2 for the walls and the beams,
respectively, were incorporated. An estimate of the viscous damping
characteristics of the substitute structure was synthesized from the
estimated hysteretic damping characteristics of the individual members.
The resulting structural model, with distorted member stiffnesses and
damping, was analyzed by the modal analysis technique utilizing a design
spectrum for a maximum ground acceleration of 0.5 g. The members of
the test specimen were then designed for the member forces obtained for
the substitute structure.

To study the effects of increased beam strength, the beams of a
test specimen were detailed with twice the reinforcement of the first
three specimens. The four test structures were excited on the earthquake
simulator by a series of compressed ground acceleration records of
increasing damage potential. ATl the test structures survived the “design”
base motion exceptionally well. Successive earthquakes of spectrum

intensitites of approximately two and three times the design earthquake
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resulted in extensive damage to the structures. Some of the main
conclusions of the study are as follows:

(1)} Significant reduction in the natural frequencies of all test
structures, on the order of 50 percent or more, were observed as soon
as the initial large deformation excursion occurred.

(2) For all test structures the displacement wave forms were
similar to the structure base moment wave form. The displacement wave
forms of different stories had maxima occuring at the same time.

(3) The apparent centroids of the lateral forces on the test
structures corresponding to maximum base moment were located at 0.7 H
or higher, where H is the height of the structure from the base.

_ (4) The damage in the first three specimens was concentrated at
the ends of the connecting beams, particularly between levels three and
six, after the tests. Spalling of the concrete on the exterior edges
of the piers were observed. The fourth specimen with twice the flexural
reinforcement in the beams had critical damage at the bases of the walls.
For all test structures the nominal shear stress {total base shear
divided by gross area of both piers) did not exceed 4/?; .

In the second series of tests five 6-story coupled wall specimens
of 1/12-scale were tested on the earthquake simulator. An additional
specimen was tested under static loading. The major design parameters
in these tests were the effects of beam strength and stiffness on the
structural response. These specimens had an overall aspect ratio of
3.22 with span to depth ratios of the beams being either 1.67 or 2.5.
The dynamic tests of the specimens were carried out in a manner similar
to that of the fifst series of tests on 10-story coupled walis. The
specimen with stiffer and stronger beams (span/depth ratio of 1.67, beam

flexural steel ratio of 2.2 percent) failed by developing the full axial
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tension capacity of the tension wall and the full flexural capacity
of the compression wall.

The second group of specimens (span/depth ratio of 2.5 and beam
flexural steel ratios of 1 percent) failed by developing hinges at the
ends of all the beams and flexural yielding of the walls.

The third group of specimens was similar to the second group except
that these specimens contained one-half the flexural reinforcement in
the beams. Failure mechanisms were similar to the second group of
specimens. Some of the conclusions of this study are as follows:

(1) The measured initial stiffnesses of the test structures were
slightly Tess than the stiffnesses computed comprehensively by
assuming cracked beams and cracked lower walls. The frequencies measured
at the beginning of a test decreased to roughly one-half of these values
at the end of a test.

(2) The maximum top level deflection observed during the test runs
with a maximum base acceleration of 1 g was from 2.7 to 4.6 times the
deflection calculated using a response spectrum and modal analysis
and a completely uncracked structure.

(3) The relative contributions of higher modes to the base shear
and moment increased with decrease in strength and stiffness of the
connecting beams.

(4) The hysteretic relations for the connecting beams had a major

effect on the overall hysteretic relation for the structure.
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1.2.5 Analytical Research on R/C Coupled Structural Walls

A large number of investigations were carried out for linear
analysis of coupted wall systems. The relevant studies in this context
are noted by Park and Paulay [1.26]. A systematic effort to model and
analyze these systems in the inelastic range was observed during recent
years, which will be briefly reviewed in this section.

Santhakumar [1.32] has listed previous efforts on the analysis
of reinforced concrete coupled wall systems and proposed a finite
difference formulation for the elasto-plastic analysis of these
systems, as part of his dissertation in Canterbury, New Zealand.

Mahin and Bertero [1.22] developed a computer code and analyzed

a number of structures subjected to earthquake excitation. Using
an equivalent plane frame idealization, they carried cut nonlinear
time history analyses of the Banco De America building in Managua
and formulated a number of conclusions regarding the nonlinear re-
sponse of its coupled wall system. One of the main conclusions
regarded the influence of the coupling girders on the seismic
response of the system; the time-histories of internal forces of
most of these girders were observed to reflect a strong second mode
response, which increased the number of shear reversals and yield
excursions.

Takayanagi [1.37] at Urbana, studied the dynamic responses of two
small scale ten-story coupled walls, which were tested on the shaking
table [1.5] previously. The analytically generated data could,
therefore, be checked by the experimental results. This enabled an
assessment of the analytical modelling. Walls and the coupling beams
were represented by one-dimensional line elements. Flexural beam

elements were assumed to develop concentrated inelastic hinges at their
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ends while the column (wall) elements were divided into a number of
"subeTements" in order to simulate the propagation of inelasticity for
these members. Flexural, shear and axial nonlinearities, axial-flexural
and flexural-shear interactions were also incorporated for the wall mem-
bers. This permitted the study of the effects of these nonlinearities
and interactions on the stiffness redistribution of moments and forces
in the coupled walls. Different hysteresis characteristics were assumed
for each action. A number of conclusions regarding the effects of these
nonlinearities and interactions on the static and dynamic responses of
coupled walls were reached as a result of monotonic quasi-static and

dynamic analyses which were carried out.

The static analysis led to the following conclusions:
(1) The incorporation of inelastic axial deformations (stiffness)

resulted in an approximately 15 percent reduction in the computed Tateral
stiffness. The same stiffness reduction was also simulated when a 60 per-

cent reduction in the linear axial stiffness was considered in the analysis.
(2) The base shear redistribution was observed to start with cracking

of the tension wall. The tension wall contributed to only 28 percent of
the total base shear until yielding of the walls commenced. After yield-
ing of both walls, the proportion of the shear in the tension wall was

observed to increase again.
(3) The contribution of coupling action to the base moment resis-

tance was observed to reduce from 71 percent to 55 percent as walls

and beams cracked, beams yielded, and wall yielding was initiated. "
The effects of hysteretic pinching and strength decay of the con-

necting beams on the dynamic response of the system were among the
investigated variables. It was observed that these effects caused
“approximately 25 percent larger dispiacements and 10 percent Tower
wall shears.

No effect of these variables was observed on maximum moments,
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A general nonlinear time-history analysis code, DRAIN-2D developed
by Kanaan and Powell* at Berkeley, was adapted by a number of researchers
to analyze frame-wall systems. Takayanagi, who continued his efforts at
the P.C.A. [1.38], implemented a beam element in DRAIN-2D which had in-
elastic shear and flexural springs at each end, side by side. The effects
of the change in axial force on the stiffness of these spfings, however,
were not incorborated; Analysis of a 20-story wall-frame system did not
indicate a significant contribution of the shear-yield mechanism in the
form that it was implemented in the analytical model.

Saatciogiu et al. [1.31]}, at the P.C.A., developed a degrading stiffness
column element and implemented this in DRAIN-2D to represent the wall
- elements in modelling the coupled walls. Effects of a varying axial
force on flexural yield level and post-yield stiffness were incorporated.
Additional springs at the member ends represented shear yielding and
decay, in addition to flexural inelasticity.

The incorporation of the effects of changes in axial force on
flexural stiffness were observed to have significant effects in the
seismic forces of the walls. In the case of strong coupling elements,
the shear force in the compression wall was observed to increase as much
as 50 percent when this effect was considered.

~ In a continuing study at M.I.T. on the seismic response of large
panel pfecast concrete buildings [1.8], the program DRAIN-2D was used
to carry out parametric studies of precast walls coupled by connectors.
Sbme of this study's findings may be considered as applicable to the
response of monolithicaly constructed reinforced concrete coupled
shear walls. The walis were assumed to remain linear in this study

while the connectors were modelled as nonlinear elements. Two

* See Ref. [2,6] in List of References, Chapter 2.
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dimensionless parameters were devised to represent the topology of
coupied wall systems. These parameters represented the overall geometry
of the system and the ratio of coupling to wall stiffness.

After a parametric study including these geometric parameters, the
strength of the coupling elements, earthquake motions and assumptions
on hysteresis, a number of conclusions were reached regarding optimum
connector stiffness and strength vs wall stiffness and strength.

The following conclusions are considered pertinent to the
reported study.

The selection of the coupling stiffness at the threshold of the
insensitive range - (i.e., - when any further increase in the coupling
stiffness would not result in a proportional increase in the overall
system stiffness), was suggested as the best choice for both service-
ability and ultimate state responses.

The most important parameter governing the effectiveness of
hysteretic damping for the coupled systems that were studied was
observed to be the relative coupling strength. The optimum coupling
strength leading to the best energy dissipation characteristics was
evaluated to be a function of the stiffness characteristics of the
wall configuration. Inelasticity of the coupling medium was observed
-to reduce linear base force demands in the order of 50% during response to
an artificial ground motion, which was compatible with the design
spectra of ATC-3 [1.40]. |

Work on precast walls with ductile connection schemes for earthquake

resistance is continuing at M.I.T.
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1.3 Research Needs in the Design of Wall-Frame Structures

A study of preyious analytical and experimental research on medi um-
height to tall wall-frame and coupled wall-frame systems indicate a
number of areas which require further investigation for a thorough under-
standing of the behavior and development of better guidelines for con-
ceptual design of these systems. Some of these problem areas are
relevant for both wall and coupled wall-frame structures wh11e others
are specifically related to coupled wall-frame structures. A brief dis-
| cussion of these problem areas on wall-frame systems, considering both
the state of the art and the state of the practice as represented by

present seismic code regulations [1.40, 1.42],follows.

1.3.1 Topological Distinctions

At present, there is no existing guideline to distinguish between

isolated walls in parallel, coupled walls, and isolated walls that are

perforated. It has been observed that the response of different types of
wall systems was significantly affected by the topological characteristics
of the system.

An illustration is given in Fig. 1.1 where the prototypes are
compared of coupled wall structures studied experimentally by several
institutions., The significant differences in researchers' conceptions
of a "medium-height to tall-coupled structural wall" are observed. The
extreme differences in the topologies of these systems naturally result
in different conclusions and design guidelines. There is a need to
establish topological guidelines to define and to distinguish between
isolated walls, coupled walls, énd perforated walls. Depending on the
designers' choice of these systems, different design guidelines should

be followed. As an example, a well-confined interior edge member may
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not be required in the case of a perforated wall, however, such a wall
would require a different reinforcement detailing around the openings
as compared to coupled walls. Another example would be design
guidelines on the strength of the coupling members. To require the
same contribution from the coupling action in the design of both
coupled wall and perforated wall systems may lead to undesirable
response characteristics for the coupled wall systems.

The state of the practice as reflected by current regulations
{1.40, 1.42], contains no reference to coupled or perforated wall systems.
Research is required, and the findings should be incorporated in codes,
on assessing topological indexes which can distinguish between the
different behavior patterns of isolated, coupled and perforated wall-
frame systems. At present, codes impose height limitations for
structural systems incorporating walls. Regardless of the type of
wall considered -~ isolated or coupled -- any building higher than
160 ft in Seismic Zone 4 is required by UBC [1.41, 1.42] to incorporate
a frame capable of resisting at least 25 percent of the total lateral
force for the building. Although more favorable to wall systems,

ATC-3 [1.40] imposes similar height Timitations for structural systems
incorporating walls. Such height Timitations should distinguish
between the different types of structural walls-isolated or coupled,
because of the significant differences in observed response character-

istics.

1.3.2 Intensity of Earthquake Force

The intensity of the earthquake force is based on the structural
system and building period (in addition to other factors), according to
both the UBC [1.42] and ATC-3 [1.40] provisions. Both codes permit the

computation of building period by an empirical expression based on
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\

the height and base dimension of the structure only, i.e., the

mechanical characteristics of the structural system is not incorporated
explicitly in the computation of the period. The other major variable
affecting the intensity of the seismic force is the structural system.
While UBC [1.41, 1.42] prescribes a higher force coefficient for systems
incorporating walls, ATC-3 [1,40] prescribes a higher force coefficient
for the comparabie frame system. In assessing earthquake force, neither
distinguishes between the different types of wall systems. An evaluation
of existing experimental data does not justify:(1)higher seismic force than

frame wall systems; and (2)}same seismic force for all types of wall systéems.

1.3.3 Distribution of Earthquake Force along the Height of the Building

Code regulations [1.40, 1.41, 1.42] do not incorporate the
different deformation characteristics of the wall-frame, coupled wall-
frame, wall or frame systems in the distribution of force along the
height of the building. Provisions regarding the distribution are |
different for UBC [1,41, 1.42] and ATC-3 [1.40] and both base the
force distribution on the mass distribution only, disregarding the
stiffness distribution over the height of the structure. This is
equivalent to neglecting any wall-frame or wall-to-wall interactions
in establishing the distribution of the lateral force. The actual
distribution of lateral force may not be very important in the design
of ductile moment resisting space frames since the shear capacity of
the members of these frames are based on the actual ultimate plastic
moment capacities at both ends of the members. This distribution, on
the other hand, is relevant when the design of any type of wall system
is considered, as the design moment to shear ratio at the base of the

walls is based on this distribution. Any error in the distribution
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may result in an underdesign in shear with respect to the fiexural
strength, leading to the possibility of early shear failure (diagonal
shear failure or web crushing and sliding shear) before sufficient in-

elastic dissipation of energy by flexural yielding may take place.

1.3.4 Design Internal Forces of the Wall Systems

The design internal forces of the wall systems are established
through linear (nominal) analysis with respect to the following pro-
visions according to UBC [1.41, 1.42]: (1) Frames and walls shall
resist the total force in accordance with their relative rigidities
considering interaction, (2) Shear walls, acting independently of the
frame, shall resist the total required lateral force, (3) The frame
shall resist at least 25 percent of the total required lateral force.

The ATC-3 [1.40] provisions include conditions (1) and (3) only.
Consequently, the design shear, flexure and axial force for the wall
system is obtained by analysis using a force distribution which, as
discussed in 1.3.3, is not representative of the actual stiffness charac-
teristics of the structure. Furthermore, the design forces computed with
respect to condition (2) of UBC [1.41, 1.42] which usually control the
design of the walls, do not incorporate interaction at all.

To reduce the possibility of early shear failure of walls, UBC provi-
sions incorporate higher force and strength reduction factors for design
against shear as compared to the design for axial-flexural behavior. ATC-3,
however, incorporates the same force factor, while using a higher capacity
reduction factor, in shear design as compared to the axial-flexural
design. There ié no guarantee, however that wall systems designed
with either of these provisions (UBC, ATC-3) will not suffer shear

failure before sufficient energy dissipation is realized through



68

inelastic distortion. The maximum shear and maximum axial force-
flexure might occur at different times at the base of a wall system
during earthquake excitation. For "impulsive" types of excitation,
however, the times of occurrence of the maximum internal forces may be
very close. Exhaustive research is urgently required to assess the
possible values of maximum shear force associated with a certain
design axial-flexural strength at the base of a wall system. Still
another complication, in the conceptual design of wall systems, is

the actual shear strength of a wall, as discuséed subsequently.

1.3.5 Shear Design of the Wall Systems

The code [1.40, 1.41, 1.42] provisions regarding the shear
design of walls do not incorporate the recent advances in the state
of the art concerning information on the behavior and failure
mechanisms of slender walls with effectively confined edge members.
Code provisions are based on behavior of monotonically Toaded beams.
Conceptually shear design should incorporate the different shear
resistance mechanisms, particularly the contribution of the edge
members, in function of the eXpected maximum deformation levels and
the level of axial force in accordance with the observed significance
of these variables in the actual shear capacity of the walls. The present
code approach of limiting the maximum shear strength in order to
eliminate shear failure does not safeguard against shear failure, as
the type of shear failure observed in tests of walls with confined
edge members was found to be the "web crushing" type of failure. Web
crushing was observed to depend upon the intensity; level of moment
and shear and axial force, and their interaction; concrete strength;
arrangement and spacing of web steel; number of load reversals: and

the maximum level of deformation. Conseqguently, simply
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limiting shear stress without incorporating the other variables

cannot effectively safeguard against shear failure. Further research
on the phenomenon of web crushing and subsequent incorporation in the
code provisions on shear design of the research findings, is urgentiy

required.

1.3.6 Problem Areas of Coupled Wall-Frame Systems

1.3.6.1 Analysis
The analysis of R/C coupled wall-frame systems is the topic of

many published papers. Most of these papers have dealt with the

1inear analysis of these systems. The basic problem in such analysis

is the mathematical modelling of the wall and connecting beam components.

Laminar analysis, frame analysis, and finite element analysis, as well

as elasto-plastic limit analysis techniques, have been proposed [1.32].
The main difference between a frame or an isolated wall-frame

structure and a coupled wall-frame structure is the particularly high

level of axial force in the coupled walls at the ultimate Timit state.

Especially because of present recommendations and code regulations [1.40,

1.41, 1.42], when high coupling girder stiffnesses are selected, the result-

ing flexural demands are also high as a consequence of linear analysis re-

quired by the code. The design, therefore, results in large flexural
capacities for the girders. These girders develop large shear forces

which contribute to significant tension and combression at the base.

At the ultimate Timit state, the axial forces in the walls may be
so large that the stiffness of the tension wall may be a small fraction
-of the stiffness of the compression wall. Consequently, the shear and
flexure in the compression wall would be many times higher. This

pattern of behavior may not be detected if linear analysis only is
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carried out. A check of the ultimate 1imit state behavior by carrying
out Timit analysis should be implemented in the code for coupled wall
structures. Overloading the compression wall should be avoided for
desirable ultimate Timit state behavior. As modern earthquake
resistant design philosophy demands that: (1) stiffness; {2) strength;
(3) stability; and (4) energy dissipation be distinct considerations
in design, choosing high stiffnesses for coupling girders should not
automatically result in large flexural strength for these girders.

The state of the art enjoins that research be conducted for é
realistic simulation of the nonlinear earthquake response of coupled
wall-frame structures. Areas requiring substantial research are: rep-
resentation of the predominantly shear type of distortion of the inelastic
wall components; the changes in flexural, shear, and axial stiffnesses due
to fluctuating axial force; migration of the neutral axes of the wall com-
ponents and the consequential effects of this on coupling girder demands;
the spread of inelasticity, decay of hysteresis due to the effects of
degrading bond and shear in the coupling girder and walls, and the effe.:ts
of flexibility of the foundationf The problem of the three-dimensional
coupled wall-frame interaction is especially accentuated because of the need
for unusually significant force redistribution during inelastic response. A .
conceptual and tested mathematical model that would be capable of simulat-

ing such force redistributions between members is urgently required.

1.3.6.2 Proportioning

Research is urgently required to establish guidelines for initial
proportioning and final design of the coupled wall systems. Both the
states of the art and of practice (code) are quite advanced in the

proportioning of frames and slab systems with established guidelines.
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In the case of the coupled wall-frame systems, however, assessment of
the optimum stiffness and strength of the coupling members with respect
to the wall members remain as an unresolved problem. It was mentioned,
previously, that the choice of coupling girder and wall dimensions may
Tead to isolated walls (along the same plane) a perforated wall or coupled
walls. The behavior of each of these systems is different, hence, the
final design considerations must also be different.

The present trend in establishing coupling girder stiffness is to
base this stiffness on the overall stiffness of the coupled wall. It
has been observed that there exists a threshold for.coupling stiffness
after which the overall stiffness of the coupled wall system does not
increase considerably [1.8]. It appears suitable to choose such a
coupling girder stiffness for high overall stiffness as an initial design
iteration. However, when the strength of the coupling girders and the
variation in this strength over the height of the structure are
considered, it can be seen that research is needed to establish guidelines
regarding these problems. These guidelines will have to be based on the
topology of the structure, as discussed earlier. In general, the
coupling girder strengths for a coupled wall system should be determined
based on the maximum desirable compression and on the
maximum tolerable resulting tension that can be developed in the walls
at the ultimate 1imit state. It appears advisable to avoid any net
tension force so that the compression wall may not be burdened by
excessive shear and flexural transfer from the tension wall. It is
also desirable that the walls not be under excessive compression so that
part of the uncoﬁfined concrete of the wall panel is not crushed, par-
ticulariy under the axial-flexural action on the wall. The state of

the practice {code) is especially critical concerning the design of
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coupled wall systems. The significant differences between the demands
in the coupling beams and those in the regular frame beams should be

recognized and incorporated in the code,

1.4 Qbjectives and Scope of Research

The objectives and scope of research on tall reinforced concre.:
coupled structural wall-frame structures at U.C. Berkeley proceeds
from the assessment of the states of the art and practice {code) on
the design of these structures as reported in Section 1.3. Since 1975
integrated analytical and experimental research on this subject has
been in progress -- objectives of this analytical research are

summarized as follows:

1.4.1 Design of Experiment

The foremost objective of these analytical studies has been to
generate data to plan and conduct experimental research on the mechanical
behavior, with particular emphasis on the hysteretic behavior, of coupled
wall systems. Selection and design of prototype structures, design of
the test facility, selection of the basic experimental parameters,
design of the instrumentation and data acquisition systems were all
carried out based on analytically generated data. Establishment of the
major experimental parameters to be investigated and of loading histories

is based on analytical research carried out under this context.

1.4.2 Magnitude and Distribution of Seismic Forces

The analytical phase of research also aims to generate information
on realistic seismic force magnitudes and distributions during the
earthquake response of frame-coupled wall structures. The basic¢ variables

affecting distribution, structural topology; main response or limit
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states (serviceability, damageability and collapse); and the ground

acceleration record will be considered,

1.4.3 Development of Models

An objective of the analytical studies is to seek improvements
to the present modelling techniques in conjunction with available

computer codes.

1.4.4 Conceptual Design

In view of the states of the art and code on the design of
coupled wall systems, a major and ultimate objective of the analytical
studies, in conjunction with the findings of the experimental studies,
is to develop a conceptual design brocess for the medium-height to tall
frame-wall structures. This process is expected to involve provisions on
system and structural layout selection; initial proportioning of components;
magnitude and distribution of lateral force, analysis, flexural-axial, and
shear design; and detailing of the componeﬁts and their joints and supports.
Some of these stated objectives have been already achieved and are
incorporated in this interim report. Detailed results of continuing
experimental work will be in successive reports and subsequent progress
will be included in the final report. A listing of the experimental

objectives of the research follows.

1.4.5 Shear Resistance Mechanisms

One experimental objective is related to obtaining better identi-
fiéation and quantitative information on the shear resisting mechanisms
of barbell shaped walls with effectively confined edge columns.

A test frame which is suitable to test replicas of the edge members

of the coupled wall specimens has been designed and built. Edge column
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segments will be loaded with representative axial force and lateral
shear histories to obtain information on the actual shear, and shear-
flexural capacity of these members in function of their axial forces.
Another study area in this context is the web crushing phenomenon.
This phenomerion will be studied during the tests of the coupled wall
subassemblages by extensive internal and external instrumentation
of the critical regions of the wall panels. The experimental findings
from both the edge member and panel shear capacity studies will be

assessed and complemented by analytical studies.

1.4.6 Proportioning

The effects of different coupling stiffness and strength as
related to the wall stiffness and strength will be studied. The
consequence of different detailing patterns for coupling members is

planned as a variable in the experimental investigation.

1.4.,7 Redistribution

Shear and moment redistribution will be assessed quantitatively
during model testing by means of special force transducers in the
coupling elements. The effects of coupling on the amount of

redistribution will be studied.

1.4.8  Foundation Flexibility

The effects of foundation fiexibility on the overall response
of the coupled wall systems is another experimental objective to be

compiemented by analytical studies.
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2. PRELIMINARY WORK FOR EXPERIMENTAL RESEARCH

2.1 General

To achieve the experimental phase of the research on seismic behavior
of R/C coupled structural walls, the preliminary work presented in this
chapter was undertaken. This work was initiated in 1975 and will be
briefly summarized here. An intermediate in-house report on this work
was produced by Li [2.7].

The main objectives of the preliminary studies were to investigate
possible quasi-static testing schemes for R/C coupled structural wall
specimens, to select the scheme most feasible in view of a large number of
considerations and constraints, and to design the appropriate test facility.
These investigations were carried out by incorporating a number of possible
prototype structures.

Since generally it is the medium-tall to tall structures (6-7 floors
and up) that are commonly designed with structural walls, and since the
story height for such structures varies between 9- and 12 ft, testing of
a large scale (min. 1/3) complete structural system was not possible with
existing facilities. Because a prime constraint was to maintain a
sufficiently large scale to reproduce important detailing and use of
deformed bars, it was decided to test a subassemblage of the lower stories
of a number of selected prototype structures.

The careful assessment of possible force and gecmetric conditions
which the missing sections of the structure would impose during response,
and the representation of these eliminated parts, prove to be the main
‘difficulties in testing such a subassemblage. However, carefully planned
subassemblage testing, successful in earlier studies [2.5, 2.18, 2.19]

makes large scale model study economically feasible.
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Previous analytical and experimental studies on coupled structurai
wall systems (Chapter 1), indicate that inelastic deformations (critical
regions), are generally confined to the ends of the coupling beams and
the bases of the walls. One criterion in the selection of a subassemblage
for test purposes, is to include the critical regions of the structural
system (or sub-system), as in the case of the coupled wall system
isolated from the total stfucture in the test subassemblage. Another
significant criterion is the scale, in conjunction with the dimensions of
the prototype system, which determines the dimensions of any subassemblage
and its compatibility with available test space. A scale of one-third
was determined to be the appropriate scale where regular deformed rein-
forcing bars were used as the main reinforcement in the model. This
scale also permitted the use of a realistic gradation of concrete.

A 4-story, 3-bay coupled wall subassemblage was determined to be
the typical model, in accordance with: a scale of one-third, available
test space, and dimensions of prototype coupled wai] systems which had
been studied. Such a subassemblage does not include all the regions of
inelasticity which occur at the ends of all the coupling beams of the
structure. However, the first four beams provide a sufficient number of
beam specimens for a study of beam behavior and its effects on the overall
behavior of the structure. Previous analytical and experimental studies
[2.2, 2.14] have indicated that, in general, beams at the second and upper
floors develop plastic hinges almost simultaneously and are subjected to
similar demands. The second-, third- and fourth-floor beams of the
subassemblage, therefore, provide a sufficient number of beam specimens
with behaviors representative of the expected behavior of upper floor

beams not included in the subassemblage.
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Testing a subassemblage is equivalent in concept to studying a free
body of a structure. Similar to the "free body" problems in statics, the
force and geometric boundary conditions, as well as the loading conditions
of the subassemblage, should be reproduced in order to be faithful to the
complete structure, i.e., the prototype. It is, therefore, implied that
the model subassemblage will be after a prototype structure.

Although examples in model testing without any established prototype
structure are common [2.2, 2.10], relating the model to a specific
prototype may be required if, (1) A subassemblage is being tested, (2)
Consequences of certain design provisions (detaiting problems incorporating
bond, anchorage, splicing, etc.), are sought. Such provisions may not be
directly app]fed to the design of a model without interpretation on the
design of a prototype. In addition to the above, if analytical time-
history analyses of the model are to be carried out, it is usually more
credible to study the prototype and interpret the results on the model.

If the model is subjected to earthquake effects, analytically, the length
scale of the model should be incorporated in a time scale adjustment of the
recorded ground motion. The consequences of this adjustment on the
nonlinear response of a R/C model are not explicit. On the other hand,
analytical response time-history studies of the model without the time
scale adjustment of recorded ground motion may have credibility problems.

A number of possible prototype structures were investigated for the
initial test specimen and for the test facility design. A 15-story
office building was selected for a complete prototype study -- details

are presented in the next section.
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2.2 The Prototype Structure

2.2.1 General

The 15-story prototype selected for the first test series will have
a "dual" structural system, with two symmetric coupled walls and eight
frames along the N-S direction, and four frames (two of them incorporating
walls), along the E-W direction. The typical floor plan and elevation
are shown in Fig. 2.1.

According to the Uniform Building Codes [2.16, 2.17], buildings
more than 160 feet in height are required to have ductile moment
resisting space frames capable of resisting not less than 25 percent of
the required seismic forces for the structure as a whole. To use a
horizontal force factor "K" of "0.8" in establishing the earthquake loading
of this structure (along the N-S direction), the ductile moment resisting
space frame and shear walls should be designed with the following criteria
(Table No. 23-I, UBC [2.16, 2.17]):

(1) The frames and shear walls shall resist the total lateral
force in accordance with their relative rigidities considering the inter-
action of the shear walls and frames.

(2) The shear walls, acting independently of the ductile moment
resisting space frame, shall resist the total required lateral forces.

(3) The ductile moment resisting space frame shall have the capacity
to resist not less than 25 percent of the required.lateral force.

Different structural systems in zones of lesser seismic risk are
accepted by the UBC if higher horizontal force coefficients are used.
However, in Zone 3 (UBC-73) or Zone 4 (UBC-79), a structural system

incorporating walls over 160 ft in height can only be designed in

accordance with the criteria prescribed in conjunction with the horizontal

force factor of 0.80.
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A preliminary design of the floor system with respect to
serviceability requirements of the UBC-73 resulted in a 6 in. slab thick-
ness and 24 by 15 in. beams in both directions. The frame columns and
wall edge members were proportioned initially against the gravity and
code lateral loading. The two identical coupled wall systems along the
N-S direction are the subjects of this study. There are no established
guidelines to proportion and the walls and the coupling beams.

The wall thickness is an important parameter contributing to the
shear strength as well as the deformation capacity of a wall. Tests on
isolated walls have indicated that web crushing was the basic mechanism
through which walls with confined edge members reached their deformation
capacities [2.10]. Thickness of the wall, therefore, is a design variable
requiring careful assessment. The thickness of 12 in. was based on the mini-
mum thickness requirements of UBC [2.16, 2.17] for stability purposes.
This thickness resulted in a shear stress of 5.6 /?I under factored
earthquake base shear prescribed by UBC-73 [2.16].

Proportioning the coupling beams is a task of significant considera-
tion. Elastic analysis in conjunction with code prescribed lateral
loading is generally used to design the coupling beams. Consequently,
the stiffer these beams, the larger the computed flexural demands,
which results in a flexuraliy strong beam design. Thus, proportioning
the coupling beams for increased stiffness also produces increased
flexural strength, which could lead to undesirable behavior of the walls.

There are different approaches to the initial proportioning of the
coupling beams. One approach concentrates on the "stiffness" aspect of
the design and relates the coupling beam dimensions to the overall

stiffness of the coupled wall system [2.3]. This overall stiffness may
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be expressed as a percentage bf the stiffness of a hypothetical "“solid"
wall where the openings are assumed not to exist. In this manner, the
dimensions of ihe coupling girders may be related to the stiffness of
the coupled ha]] system expressed as a percentage of the stiffness of
a hypothetical solid wall. The pertinent computations are shown in
Appendix 2.1 and the results are illustrated in Fig. 2.2, indicating
that it is possible to attain 79 percent of a solid wall stiffness with
coupling beam dimensions of 24 x 48 in.. Any increase jn the coupling
beam dimensions does not result in a substantial increase in the
coupled wall stiffness. |

A second consideration in choosing coupling girder sizes should be
its a/d ratio. The smaller the a/d ratio the more difficult it becomes
to maintain desirable hysteretic characteristics by conventional rein-
forcement detailing. The a/d ratio corresponding to the 24 x 48 in.
section dimensions is 1.87. If the section were chosen as 30 by 52 in.,
to yield 84 percent of the corresponding solid wall stiffness, the a/d
ratio would be 1.70.

For the coupling girders of the prototype, section dimensions of
24 x 48 in. were thus selected. The resulting percentage of the stiff-
ness of a corresponding solid wall, 79 percent, is in fact an unrealistic
figure because it is based on linear (uncracked) behavior. Experimental
studies [2.14] have shown that the actual effective stiffness of a coupled
wall is considerably less than the stiffness computed by assuming uncracked
gross section dimensions. The 79 percent figure is only a relative quantity
for comparing the effects of various girder dimensions.

Although it is not required by any existing code provision, the

preliminary proportioning of the wall and coupling girders should also
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be checked for the expected ultimate Timit state behavior before con-
cluding ﬁhe design. Since the coupling beams are proportioned for
stiffness and then designed for flexural demands based on nominal (linear)
analysis, the large flexural capacities incorporated in these beams lead
to large shear forces. These shear forces accumulate and constitute the
coupling axial forces at the base of the walls. The coupling forces are
maximum when all beams yield and reach ultimate capacities at both ends.
The maximum tension and compression that can be developed at the base of
the walls should be checked on the failure envelope of the wall cross
sections (axial load-bending moment interaction diagram for limit state).
If the tension is sufficient to cause a substantial reduction in the
(shear and flexural) stiffness of the tension wall, this is an indication

that significant shear and moment redistributions from this wall to the
compression wall may be required. Furthermore, the development of tensile
cracks in the wall may lead to significant reduction in shear resistance .
of the wall.

1f the compression axial force {due to coupling and gravity forces) in
the compression wall is close to the balanced load level for this wall, the
compression wall may not have the required deformational capacity, i.e., the
overall required ductility. If such assessments lead to an unfavorable
appraisal of the wall behavior at the ultimate limit state, the detailing
of reinforcement of the coupling girders {(amount of reinforcement and grade
of vreinforcement), and in some cases, the selected girder dimensions, should
be revised.

Another problem in proportioning the coupling girders with stiffness
considerations only, is the restricted available curvature capacity of a
stiff section (with respect to a smaller section with similar reinforcement
nercentage). As the coupling girders are subjected to rotation demands far
exceeding a frame girder with similar dimensions, the available rotation
(or curvature) capacity of the girder, which is proportioned for stiff-

ness and designed for demands based on linear analysis, may not be
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sufficient for the expected deformation levels of the structure at

the ultimate Timit state. This may lead to rupture of the reinforcing

bars of the girders before the walls attain their capacity at the base.
The optimum balance between stiffness, strength and deformational

-capacities of the coupling beams is an important parameter affectihg

the behavior of counled walls and will be studied.

2.2.2 Design of the Prototype

After an initial proportioning of the coupled wall system including
beam dimensions, the prototype was designed according to both the 1973 and
1979-UBC provisions. There are significant differences in these provisions
in the computation of base shear, the distribution of lateral forces and
the shear design force factor. Details of the computations are given in
Appendix 2.2. The resulting design base shears are 774 kips for the 1973-
UBC provisions and 999 kips for the 1979-UBC provisions. Distribution
according to the lateral forces of both these code provisions is
given in Table 2.1.

The coupled wall system was analyzed under the code prescribed
lateral loadings using the linear analysis program, TABS [2.20]. Results
of these analyses are given in Table 2.2 and 2.3. The coupling girders
were designed in three groups or as indicated in this table. Design
computations for the walls énd the girders are given in Appendix 2.2, and
the resulting member details are shown in Figs. 2.3 - 2.7. The nominal
strength of the materials was 4000 psi for concrete and 60 ksi for steel.

An important aspect in design is the detailing of the edge members
of the walls. Lineéar analysis in conjunction with code prescribed
loadings result in considerably smaller demands for the intefior edge

columns than for the exterior edge columns. As the coupling beams are
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subjected to inelastic rotation reversals and start losing their flexural
capacity (decay), the interior edge columns are computed to pick up increasing
forces. In the limit state, when the beams Tose all flexural capacity at both
ends, the interior edge columns have been observed to have demands identical
to the exterior edge columns. Furthermore, once the wall panel starts to fail,
the existing interior edge members become even more important in avoiding
brittle failure. In view of the importance of well-confined strong edge
coiunmns on the ultimate 1imit state behavior of the walls, it was decided to
detail interior edge columns similar to the exterior edge columns. The pre-
mature interior edge column failure observed in New Zealand tests [2.14] is
another factor in favor of simitar detailing of interior and exterior edge
columns of the coupled walls. Whether the interior columns do need similar
detailing as the exterior columns is one of the parameters which will be

investigated further.

An important consideration in design is the detailing of the
coupling beams. Three types of connecting beams were designed for both
1973 and 1979-UBC provisions, as shown in Table 2.3. More than one
alternative is presented for the detailing of each type of beam. In some
of these alternatives, #12 bars are used for main reinforcement. Although
a #12 bar is not manufactured, this will correspond to a #4 bar in a 1/3-
scale model which is available. This was the reason for using #12 bars.

Note that in the detailing of the web reinforcement it was intended
to provide, if possible, a lateral restraint to each longitudinal bar.
This resulted in the need to provide considerably more Tateral reinforce-
ment than required by the shear demand. Restraining each one of the
individual flexural bars at each tie application is not a code requirement.
If the same number of flexural bars at top and bottom is used, the
detailing of the web reinforcement is facilitated.

Anchorage of beam bars is a prime concern in the design. Although
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details for this anchorage were not prepared for the prototype, they
were drafted for the 1/3-scale model, as presented and explained in
Section 2.3. The best anchorage for these bars can be maintained by
continuing the bar into the wall, rather than bending them in the edns
members of the wall. As the wall thickness is generally less than the
beam thickness, it is not bossib]e to continue all the beam bars unless
the wall is thickened at the beam level.

Such detailing has been common in Japanese practice and is claimed
to have significant advantages, not only for the anchorage of the beam
bars, but also to redistribute stress in the wall panel and possibly
to help delay web crushing. For this reason, a test with such detailing
is also contemplated as a part of the planned experimental program.

During the design of the prototype, the main differences in the 1973-
and 1979-UBC provisions regarding the design of structufes incorporating
shear walls were observed to be in: (1) magnitude of the "E" load, (2)
the distribution of the "E" load, and (3) the force factor in computing
the design shear force of the walls.

The total base shear, moment to shear ratio of prescribed "E"
loading at the base and the design shear force of one coupled wall, were
respectively: 774 kips, 68% of height, 1275 kips according to the 1973-UBC
provisions; and, 999 kips, 71% of height, 1179 kips according to the
1979-UBC provisions. Consequently, the flexural reinforcement of the
average coupling. girder is 28 percent larger and the main flexural
reinforcement of the walls is 50 percent larger in the 1979-UBC designed
system than in the 1973-UBC designed system. Furthermore, the wall shear
reinforcement in the 1979-UBC designed system is 17 percent less than in

the 1973-UBC designed system.
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The differences between the relevant provisions of the 1973-and 1979-
UBCs are extremely significant, as indicated by the corresponding
differences in outcomes. The increase in the flexural steel of the walls
and the beams are especially conseguential in the ultimate limit state
response of the walls.

Assuming that the desirable ultimate Timit state mechanism (where
plastic hinges form at the ends of all the beams and the bases of the
walls) is realized for both 1973-UBC and 1979-UBC designed systems, the
shear accompanying this mechanism is computed to be 30 percent larger
in the 1979-UBC designed system. Since the deformation capacity of the
walls is Timited by the crushing of the panel, which in turn is
affected by the amount of shear stress, the 1979-UBC designed wall should
be expected to have less deformation capacity than the 1973-UBC designed
wall. Furthermore, the wall axial forces in the 1979-UBC designed wall
will be larger due to the increased flexural reinforcement of the beams.
This is another factor that will constrain the deformation capacity of the
1979-UBC designed wall as compared to the 1973-UBC designed wall.

The desirable ultimate 1imit state mechanism may not be realized at
all. In certain cases, the tension wall may fail through tension, with
insignificant plastic moment capacity, depending on the level of axial
force that may be developed due to the coupling action. The deformation
capacity of such a wall would be much Tess. Another factor which could
impair the ultimate limit state deformation of a coupled wall system, is
premature failure or severe degradation in the connecting beams before
the walls reach ultimate capacity. A critical assessment of the 1973-UBC
and the 1979-UBC provisions regarding the analysis and design of reinforced

concrete systems incorporating coupled walls indicates that: (1) there are
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significant shortcomings in both of these codes, (2) 1973-UBC provisions
result in a coupled wall with a larger deformation capacity than the
1979-UBC provisions. The latter, however, results in a wall which has
approximately 30 percent more flexural capacity.

A number of questionable specifications related to the UBC
provisions on the analysis and design of tall, reinforced concrete
structures incorporating walls were listed in the previous chapter. This
list will be briefly repeated as several shortcomings were consequential
in the resulting prototype design. Some of the observed deficiencies in
the code were compensated for during the design by improving the code
prescribed detailing. These are indicated in Appendix 2.2. Certain ques-
tionable specifications in design provisions, however, were deliberately
incorporated into the final design, since a chief objective of the
research was to investigate the soundness of the code provisions.

(1) The code provisions, defining the horizontal force coefficient
for different structural systems, are not justified in prescribing higher
force coefficients for all buildings with any type of wall system (Tabl.
23-1) over those of the DMRSF's.

(2) The provisions requiring walls be designed to resist all the
seismic lateral forces, and a DMRSF system, capable of withstanding at
least 25 percent of the lateral load in all buildings {in Zone 3 or 4)
over 160 ft in height, are questionable because they are not based on the
real response of the structural system.

(3) The prescribed distribution of lateral force along the height is
not realistic as it does not distinguish bztween the different deformation
characteristics of frame, wall-frame, coupled wall-frame, and other

systems.
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(4) The shear force for which the walls shall be designed is not
based on the actual flexural strength provided to the wall and on a real-
istic moment to shear ratic. To provide for a higher safety against shear
failures, the load factor for shear design is prescribed higher than the
load factor for flexural design. This higher load factor does not quarantee
prevention of shear failure in the real structure, particularly in the case
of 1979-UBC code in which this factor was decreased by 40 percent as com-
pared to 1973-UBC.

{5) The shear design provisions are not based on recent experimental
data on the shear strength and post-yield behavior of walls with effectively
confined edge members. Present shear design provisions are similar to those
obtained from observed behavior of beams under monotonic loading. The shear
carrying mechanism of walls with confined edge members was observed to be
different from that of beams under monotonic loading.

(6) There are no guidelines that will aid the designer in the pro-
portioning of coupling gfrders. As linear analysis with the prescribed
lateral loading is required to establish demands of these girders, stiffer
girders attract more flexural strength. Consequently, the designer cannot

design for stiffness and strength individualty, but has to provide whatever

strength is demanded by the selected stiffness. This does not necessarily
result in better design.

(7) The designer is not required to check the ultimate limit state
response of the wall. It is possible to design a structure that may
not attain a desirable ultimate 1imit state mechanism. The wall axial
loads at the ultimate Timit state should be checked and assessed to
determine whether the required shear and flexural strength can actually
be developed under the possible existing axial forces. Code provi-

signs that assure a ductile ultimate 1imit state rmechanism for



92

coupled wall systems are lacking.
(8) The confinement requirements for coupling girders can be insuf-

ficient, particularly for short girders (a/d < 2). Because these girders

can be subjected to significantly more critical demands than frame girders,
(higher shear and larger number of deformation reversals) there should be
special provisions for their design and detailing.

The 1973-UBC desidgned coupled wall systemwas selected as the one'to be used

in the first series of analytical and experimental studies, as it was

assessed to possess more favorable ultimate limit state behavior. The

1979-UBC designed system, as well as an ATC 3-06 [2.15] designed system,
are contemplated as possible subjects of subsequent analytical and

experimental studies.

2.2.3 Ultimate (Maximum) Strenath of the Prototype Coupled Wall System
In Accordance with the 1973-UBC Provisions

The coupled wall system designed with 1973-UBC provisions was
selected as the subject for the first series of analytical and experimental

studies. Relative to the system designed with 1979-UBC provisions, this

selected coupled wall system was assessed, in Section 2.2.2, as having

more favorable ultimate 1imit state response characteristics.

The maximum strength of the 1973-UBC designed coupled wall
system may be estimated by assuming that the ultimate 1imit state
will be attained by developing a sufficient number of plastic hinges

for a collapse mechanism, as shown in Fig. 2.8. This strength is

required for two purposes: (1) to estimate the ultimate strength

of the model, needed in order to design the experiments; and

(2) to assess the consequences of the design carried out with respect

to the 1973-UBC provisions. In general, it should alsc be assessed
whether such a collapse mechanism can be attained, i.e., depending on the
proportioning and reinforcement detailing of the members, the a§sumed

collapse mechanism may not be realized, as it may be preceded with
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premature failures in the coupling beams or the walls. To calculate the
Tateral load corresponding to the ultimate Timit state mechanism shown
in Fig. 2.8, (1) The moment to shear ratio, a, should be established,
(2) The ultimate flexural capacities of the girders should be computed,
and (3) The flexural capacities of the walls under the coupling axial
forces and gravity loads have to be determined. Following these steps,
statics may be applied to compute the collapse load.

The ultimate flexural capacities of the girders were obtained by
using the program RCCOLA [2.8]. These beams were designed in three
types, as explained in Appendix 2.2. The selected reinforcement detailing
of each type of beam is shown in Figs. 2.4 - 2.6. The assumed material
stress-strain characteristics for confined core concrete, shell concrete,
and steel to obtain the moment-curvature responses of these beams are
shown in Fig. 2.9. The assumed stress-strain characteristics for confined
concrete may not be considered realistic as it is assumed that infinite

strain can be developed with small stress. This explains why the moment
curvature responses of all the types of beams indicate in the tables
shown in Figs. 2.10-2.12, a termination of curvature capacity which was
computed assuming the rupture of tension steel at a strain of 0.15.

The use of the confined concrete stress-strain characteristics in Fig.
2.9 is justified when one considers that the objective in generating

the moment-curvature responses for these beams was to obtain an overbound
on the moment capacity (and hence shear, and hence wall axial forces) of
the beams. The maximum shear forces that could develop at the ends of
these girders was computed as 287 kips, 398 kips, and 532 kips for Type
1, 2 and 3 girders, respectively, based on the clear span of 168 in. for
the girders, and neglecting gravity loading.

The uncertainty in these figures is significant due to possibie
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variations in the assumed strength of the materials. If the assumed
ultimate strength of reinforcing steel was assumed as 90 ksi rather than
110 ksi, the resulting beam shear forces should be expeéted to decrease
proportionally. Furthermore, zero axial force was assumed for the beams
while the moment-curvature responses were generated; this is equivalent
to assuming that the shear forces of both walls at the ultimate Timit
state are identical, which is not a realistic assumption. Actualily, the
tension wall should contribute less than the compression wall to the
base shear, i.e., V1 < Vz in Fig. 2.8. Consequently, there should be
axial forces in these beams, which would affect the computed flexural
and shear capacities significantly.

The accumulated axial forces of the walls, N, due to the beam
shears that result from the lateral force on the structure only (Fig. 2.8),
are computed to be 6464 kips in the tension and compression walls.
Incorporating the gravity Toad of 2270 kips, the tension and compression
.in the tension and compression walls are obtained as 4194 kips and
8734 kips, respectively.

These base axial forces are indicated on the axial force-flexure
interaction diagrams (Fig. 2.13) of the cross section of one wall
component, designed with respect to the 1973-UBC provisions. The section
was shown in Fig. 2.3. The material stress-strain characteristics used
in developing the interaction diagrams are shown in Fig, 2.9. The extreme
envelope in Fig. 2.13 was obtained by picking the maximum moments indicated
for an axial force on the corresponding moment-curvature response. As the
confined concrete within the spiral was assumed to be capable of
sustaining infinite strain (Fig. 2.9), the points below the balanced force

on this envelope represent breaking of the main reinforcement. This
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envelope, therefore, may be regarded as an overbound while the interaction
diagram obtained for a maximum concrete strain of 0.004 may be regarded
as & lower bound for section strength, for the specified material strengths
in Fig. 2.9.

The compression in the compression wall, Fig. 2.13, is observed to
exceed the balanced load, at the ultimate 1imit state. The tension in
the tension wall is also observed to be significantly high. The average
yield flexural rigidity (EI) (secant stiffness obtained for the yield
moment and curvature) for the tension wall was obtained as 0.25 x ]030
kip-in. while this value was computed as 12.50 x 1010 kip-in. for the compres-
sion wall. Note: it is assumed that the tensile capacity of concrete
is neglected; this is not true. The shear forces of these two walls
should be expected to be significantly different, due to the fifty-fold
difference in stiffness. The moment-curvature responses of the wall
section for 8750 kips compression and 4200 kips tension are shown in
Fig. 2.14.

The ultimate moment capacities of the tension and compression walls
of the coupled wall were obtained as 0.6 x 106 kip-in. and 1.3 x 106
kip-in., respectively, from the extreme envelope in Fig. 2.13. The total
base overturning moment of the coupled wall at the ultimate limit state

6 1 1.3 x 10% + 6464 x 450 = 4.8 x 108

can now be obtained as 0.6 x 10
kip-in., where the term 6464 kip x 450 in. = 2.9 x 10° kip-in. represents
the contribution of coupling, which is 60 percent. The total base
overturning moment corresponding to "1.4E" loading, was obtained as

1.6 x 10°

kip-in., indicating that there is a flexural overstrength {(or
hidden strength) of three times the design flexural strength of the
system. This is due to a large number of factors, the most significant

of which is the strain hardening of reinforcing steel in the beams and
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Another important factor is the conservative code assumption that the edge
members alone are considered to resist all the overturning moment acting
in the walls, i.e., the contribution of the vertical wall steel to flexural

capacity is neglected.
The consequences of the 1873-UBC design provisions will be discussed

in greater detail in subsequent chapters. A brief assessment of the design
may follow from the axial force levels in the two walls at ultimate load,
as indicated in Fig. 2.13. The axial force levels in both the tension
and the compression walls are too high for favorable ultimate limit state
behavior. The compression wall .is subjected to more than its balanced
force, significantly impairing the deformation capacity of this wall.
In the tension wall the tension is so high that the wall has only one-
fiftieth of the flexural stiffness of the compression wall. This implies
that there will be a significant shear transfer from the tension wall
to the compression wall which was not taken into consideration during
the shear design of these walls,

The basic cause of the high level of axial force in these walls
is the flexural strength of the coupling beams. As discussed in the
previous section, design of these beams is based on linear analysis with
code prescribed load. Hence, the stiffer the beams, the larger will be
the flexural demand. An interesting observation here is the contribution
of the coupling forces to the base overturning moment resistance. For
the 1973-UBC designed walls, this contribution was computed as 60 percent.

This percentage is less than the 67 percent suggested by the New Zealand
researchers [2.11] for their particular coupled wall topology,

as the criterion for the design of coupling girder strengths.

Prescribing a 67 percent coupling force contribution to the
base overturning moment as a design criterion does not ensure a desirable

ultimate 1imit state behavior for all types of coupled wall topologies and

wall cross sections. The coupling axial force in the tension wall should
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not be permitted to overcome the gravity forces for a more balanced
shear resistance contribution from a coupled wall system.

A design process which does not contain the shortcomings of the
code design procedure is being develgped and will be presented in
subsequent volumes. Meanwhile, usage of a Tower grade (Grade40as opposed
to Grade 60) reinforcing steel in the coupling girders may be a remedy,
as the ultimate strength to yield strength ratio for Grade 40 would be less
than Grade 0. Another possibleremedy to code provisions could be carrying
out plastic analysis rather than elastic analysis for design purposes,
with a restriction on the maximum tension that could occur in the tension
wall at the ultimate 1imit state. Limiting the tension to zero, or,
as an upper bound, to 10 percent of the ultimate tension capacity of the
wall, may be a possible design alternative that could be consequential in
assuring large deformation capacity without premature shear failure.

The ultimate base shear for the coupled wall system may be evaluated
if an estimate on the bounds of o in Fig. 2.8 is made. Linear and
nonlinear dynamic analyses of the prototype structure indicate possible
values of o between 0.5 - 0.75 (Sections 2.2.4 and 2.2,5). As the
ultimate base overturning moment was obtained as 4.8 x 106 kip-in., the
bounds for the ultimate base shear may be estimated between 3000 to 4500
kips, approximately. The value of o corresponding to the "E" load
distribution by the 1973-UBC provisions is 0.68. The value of base shear
corresponding to an o value of 0.68 is 3268 kips.

In comparing this ultimate base shear by the factored design base
shear of 2550 kips (Appendix 2.2), it is observed that the flexural
overstrength in the design may lead to a shear force far exceeding the
factored design shear force, Fortunately, there is an overstrength in

shear as well, compared to the shear strength computed by code expressions.
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This overstrength may or may not be sufficient to permit inelastic
flexural deformations of the wall to the postulated ultimate limit

state mechanism without prior shear failure.

2.2.4 Linear Dynamic Analyses of the Prototype

The prototype structure was analyzed using the modal spectral
analysis option of TABS [2.20]. Acceleration spectra with 5 percent
damping for the SOOE component (0.33 g) of the 1940 E1 Centro ground
acceleration record (Fig. 2.20) and the S16E component (0.4 g) of the
ground motion at the base rock derived from the 1971 Pacoima Dam
record were used in the analyses [2.9] (Fig. 2.20).

Basic objectives of the analyses were to generate data on the
magnitude and distribution of earthquake forces on the prototype coupled
wall system and to study the effects of frame-wall interaction in Tinear
response: Data on EQ forces in Tlinear response are required for an

understanding of the upper bounds of the earthquake demands on the
Vcoupled walls. Furthermore, the frame-wall interaction problem is a
significant, characteristic problem in the design of building systems
incorporating structural walls. Although a significant number of
previous analytical studies have been carried out on coupled walls, isolated
from the rest of the structure (Section 1.2.5), a thorough investigation
should include the effects of the frames on the response of the walls.

UBC provisions [2.16, 2.17] require frames to be incorporated in all
building systems with walls, when the building is above 160 ft in height.
It is required that these frames be capable of resisting at least 25
percent of the total base shear. Consequently, the frame-wall interaction
is a common and significant problem which needs to be incorporated in

research on structural walis. Conclusions reached from analytical or
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experimental investigations on walls which are isolated from building
systems may have to be subsequently modified to incorporate interaction.

In both linear and nonlinear analyses, the total building sys;
tem is idealized into a plane frame-wall system, as shown in Fig. 2.15.

The basic assumption implicit in this idealization is that the diaphragm
system is axially infinitely stiff (all points at a certain elevation have
jdentical lateral displacements), and flexurally infinitely flexible
(different sag and uplift characteristics of the walls and the frames

may be assumed not to affect each other). Also implicit is the assumption
that the motion is occurring in one horizontal direction only. |

The results of linear analyses are shown in Figs. 2.16 - 2.18 and
Table 2.4. 1In these analyses, stiffness of the frame elements were based
on uncracked gross section properties, while the stiffness of the coupled
wall and coupling girder elements were based on cracked stiffnesses
obtained from moment curvature responses. The main objective in using
cracked stiffness for the walls, and, uncracked, thus relatively inflated
stiffnesses for the frame elements, was to compensatg for the mispropor-
tional reduction in the stiffness of the wall and frame elements with the
onset of cracking. Former test results indicated large reductions in
wall stiffness while the reduction in frame stiffnesses was generally
considerably less with the onset of cracking [2.1].

Static analysis with the 1973-UBC "E" loading indicated that the
frames contributed to the overall lateral stiffness by 40 percent, i.e.,
the lateral eight-floor displacement of the two coupled wall systems
resisting the 1973-UBC "E" loading is 1.40 times the corresponding
displacement of the total building (two coupled wall systems and eight frames)

under the same load. The distribution of story shears for the static
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analysis is shown in Fig. 2.16. The total base shear of the coupled
wall is reduced by 18 percent from 774 kips to 655 kips when the
interaction is considered. The moment to shear ratio at the base of
the wall, resulting from the story shears in Fig. 2.16, is 68 percent
of building height when the interaction is not considered, and is 57
percent of the height when the interaction is considered. The
implication is that although the magnitude of the wall base shear is
larger when the wall is assumed to resist the total earthquake forces

individually, the distribution of seismic forces on the wall beccmes

more critical when the wall-frame interaction is considered. In other
words, the shear associated with a unit bending moment at the base of
the wall is 19 percent more when the interacticn is considered. The
design provisions of UBC [2.16, 2.17] should, therefore, be interpreted
with caution when the shear design of the walls is being carried out,
particularly if the walls are overdesigned against bending.

The story shear envelopes of the coupled wall system obtained through
the SRSS approach are illustrated in Fig. 2.17 for E1 Centro and in Fig.
2.18 for the Derived Pacoima Dam analyses, considering the coupled walls
individually and the total frame-wall system,

The fundamental period of the structure, when the coupled walls were
assumed to resist the total earthquake effects (i.e., when the total
mass of the structure was considered with just the two coupled wall systems
in Fig. 2.1) was obtained as 1.20 seconds. The fundamental period was
reduced to 0.99 seconds when the complete building was considered. The
second and third periods of the isolated coupled wall model were 0.32
and 0.15 seconds, respectively. These periods were 0.28 seconds and 0.13

seconds when the complete building was considered.
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The SRSS (Square Root of Sum of Squares) shear envelope distributions
considering only the first three modes of the structure and the E1 Centro
spectrum are shown in Fig. 2.17. It is observed that the story shears of
the total building are significantly larger than when only the walls are
considered to resist the EQ effects. Consequently, the story shears
shared by the walls are 1érger when the interaction is considered. The
increase in the base shear of the coupled walls is approximately 30
percent, as observed from Fig. 2.17*. The moment to shear ratio at the
base of the coupled wall is decreased 17 percent from 0.7 H to 0.6 H
when the interaction is considered. The 0.6 H figure is very close to
the 0.57 H figure, obtained when interaction was considered in the
static analysis with UBC-73 prescribed loading.

The results of dynamic analysis with the Derived Pacoima Dam record
are shown in Fig, 2,18, Unlike the response to the E1 Centro record,
the story shears of the coupled wall are less when the interaction is
considered. The overall building base shear increased 5 percent when
the interaction was considered, as compared to the case where only the

walls resisted the EQ effects.

* The moment to shear ratios were computed from dynamic story shears in
Fig. 2.17 and Fig. 2.18. These were computed by first obtaining an equiva-
lent lateral force distribution which would produce the same dynamic story
shear envelope. Then the overturning moment to base shear ratio corres-
ponding to this equivalent lateral force distribution was obtained.

Although the dynamic story shear envelope is based on a SRSS analysis, and
hence may not represent the actual distribution of seismic force at a par-
ticular time instant, the moment to shear ratios for these distributions

were computed and are assumed to be probable.



102

The walls' share of base shear, when the complete building system
was considered, was 84 percent of the base shear of the total building.
This figure was 83 percent for the E1 Centro analysis and 83 percent
for static analysis, indicating that the frames' contribution to the total
building base shear remained almost constant for static or different
dynamic analyses. Similarly, the moment to shear ratio at the base of
the coupled wall was between 68 - 71 percent of total building height
when the interaction was not considered, for static and the two dynamic
analyses. This figure was between 0.57 - 0.60 percent of height when
the interaction was considered in these analyses. Consequently, the

moment to shear ratio at the base of the walls and the relative contribution

of walls and frames in resisting the total E/Q effects are affected by
the static nature (i.e., - stiffness aspects) of the interaction only.
On the other hand, the magnitude of the overall base shear demands, and
the relative changes in these demands when the interaction is or is not
considered, depends on the earthquake spectrum that was considered. The
total base shear demands for one-half of the buiiding are 6700 kips aﬁd
13700 kips for the E1 Centro (0.33 g) and Derived Pacoima Dam (0.4 g)
spectra, respectively. The torresponding base shear demands of one set
of coupled walls were 5700 kips and 11600 kips for these earthquakes,
respectively. The coupled wall demands were 4450 kips and 13000 kips,
respectively, when only the walls were assumed to resist the earthquake
effects. As discussed earlier, the wall base shear demands due to

E1 Cehtro went up 28 percent when the frame-wall interaction was
considered. For Pacoima, the demand was decreased by 12 percent when
the interaction was incorporated.

A summary of the computed Tinear demands at the base of the building
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for code and dynamic analyses is given in Table 2.4, It is observed

that the linear dynamic demands far exceed code demands. The UBC-73

"E" load analysis results should be adjusted by load factors of 2.8

for shear and 1.4 for BOM to obtain design demands. Even then, the
dynamic shear demands for ET Centro and Pacoima spectra are approximataly
two to six times larger than code demands.

The same conclusion is reached for the frames; there is a significant
difference in the code and linear dynamic demands. The following
criteria govern the design of frames in Dual systems [2.16, 2.17]:

"(1) The frames and shear walls shall resist the total lateral force
in accordance with their relative rigidities, considering the interaction
of the shear walls and frames

(ii1) The ductile moment resisting space frame shall have the capacity
to resist not less than 25 percent of the required lateral force.”

The distribution of story shear demands by code and linear dynamic
analysis for a typical frame are shown in Fig. 2.19. It is observed that
criterion {ii) governs frame design from the base to the fourth floor;
then criterion (i) governs the design,

The frame demands obtained by dynamic analysis are maximum at the
sixth floor. At this floor, the E1 Centro analysis demand is 6 times
and the Pacoima analysis demand is 13 times the code design demand,
adjusted by the load factor of 1.4. Consequently, the linear dynamic
demands versus design demands are larger for some of the floors of the
frame than at the base of the coupled wall, This implies that these
floors of the frames may have early inelasticity during serviceability
earthquakes while the walls remain in the linear range.

The code requires frames as an insurance against collapse if the walls

should fail through brittle failure. The presence of frames, however,
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significantly increased demands due to E1 Centro, indicating that frames
may lead to more adverse demands for the complete structure. To be able
to design frames more efficiently, further investigation is needed of the
requirement to incorporate frames in conjunction with walls in building

systems over 160 ft in height.

2.2.5 Non-Linear Time-History Analyses of the Prototype

2.2.5.1 General

The time-history analyses of the prototype structure designed in
accordance with the UBC-73 provisions (Fig. 2.1) were carried out as an
initial step in the continuing analytical studies on tall R/C wall-frame
buildings. The immediate objectives of these analyses were:

(1) To investigate the serviceability and damageability earthquake
demands on the prototype buildings,

(2) To investigate the effects of the wall-frame interaction on
these demands,

(3) To investigate the time-history of the internal forces of the
wall as a basis in the determination of the loading program during

experimental studies.

2.2.5.2 Ground Acceleration Records

The first 10 seconds of the SOOE component of the 1940 E1 Centro
accelerogram (Fig. 2.20) and the first 10 seconds of the S16E component
of the "derived" 1971 Pacoima Dam accelerogram (Fig. 2.20) were used in
the analysis. The original 1971 Pacoima Dam motion was synthesized [2.9]
to arrive at a derived version of this record with the intention of
representing the true bedrock motion, as the accelerometer was subsequently

discovered not to be on firm rock. Moreover, it was again subsequently
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discovered that the component directions were not S16E and S74W but
different. For the purposes of analysis, the derived version was used
of what was believed to be the S16E component of the originail 1971

Pacoima Dam motion.

2.2.5.3 Mathematical Models

One set of coupled walls was loaded with one-half of the total
mass of the building and was subjected to the two ground acceleration
records. These analyses represented the UBC [2.16, 2.17] concept of
walls resisting the earthquake effects individually. The basic intent
in these analyses was to generate data for an assessment of the wall-
frame interaction during different response phases of the prototype.
Relatively more realistic and representative analyses were carried out
by subjecting one-half of the symmetric building to the two base excitation
records.

For reasons of economy, the four frames in the considered half of
the building were lumped into a half frame, as indicated in Fig. 2.21.
Each column of the idealized (mathematical) frame represented eight of the
actual columns of the prototype:; similarly each beam represented eight
of the actual beams.

In both of these models (Fig. 2.271) mass corresponding to the weight
of one-half of the total building was Tumped at each floor level. These
Tumped masses were not assigned any rotational inertia.

The degrees of freedom considered were: (1) Lateral displacement at
each floor level; (2) Vertical displacement; and (3) Rotations of each
node. Consequently, there were 75 degrees of freedom in the isolated

coupled wall and 150 degrees of freedom in the coupled wall-frame model.
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A detailed discussion of the shortcomings and misrepresentations of
these models is available in another report [2.12]. Only a brief listing
and description of the modeling problems observed in using the computer
code DRAIN-2D [2.6] in conjunction with the analysis of such coupled wall-
frame systems, will be given here.

The wall and coupling girders Were represented by one-dimensional
topological models. The walls (and the columns) of the mathematical
models in Fig. 2.21 were assigned the beam-column element option, while
the connecting girdérs (and frame beams) were represented by R/C
degrading beam elements of DRAIN-2D. Both types of elements simulate
inelastic response and hysteresis through a concentrated hinge at each
end.

(1) The 1-D modelling of the walls is highly questionable. The
1-D model and the associated deformation modes cannot represent the
significant shear mode of behavior in both linear and, particulariy, the
nonlinear response ranges.

(2) Another shortcoming of 1-D representation of the wall components
is 1in fixing the position of the wall neutral axis through the 1-D
model. In reality, wall neutral axis changes location (migrates) during
excitation. This migration, in turn, has considerable effect on the
demands of the coupnling girders'as the length of the relatively rigid
zone at the ends of the girders would change. Such occurrences cannot be
modeled by 1-D representation of the wall elements.

(3) Modelling inelasticity through concentrated hinges at the ends
of the members is contradictory to observed behavior of R/C elements. The
spread of inelasticity is a significant characteristic of R/C, affecting

the overall force-deformation relations considerably. Consequently,
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lumping inelasticity at predetermined cross sections at member ends
is a significantly questionable idealization, especially for the wall
components.

(4) Axial inelasticity is not incorporated.

(5) Flexural inelasticity of the wall or column components is
recognized when a pre-determined axial force-bending moment yield envelope
is reached by the axial force and moment pairs at the ends of these
elements. When the envelope (yield surface) is reached at either end
of the member, the axial force-moment pair stay on the yield surface.
Unloading from the yield surface is through the assigned linear flexural
stiffness. Consequently, elasto-plastic hysteresis is realized for the
plastic hinges at the ends of the beam-column members.

This process contains a significant shortcoming, which is the need
to maintain a constant linear flexural stiffness for all axial force
levels if the yield level is not realized at the ends of the member. As
there are extreme differences in the flexural rigidities of the tension
and compression walls, the corresponding linear fiexural stiffnesses
should reflect this difference. Unfortunately, the DRAIN-2D coding
does not incorporate this effect. This "mis-representation” in the linear
response phase affects the initial occurrence and sequence of plastic
hinges and, therefore, the non-linear response phase.

(6) Another significant shortcoming that was realized in the DRAIN-Z2D
coding is the inability to incorporate shear yield. As the shear
stiffness and shear yield phenomena are as important as the flexural
stiffness and flexural yield phenomena in the response of R/C wall
components [2.10], their omission in the mathematical modelling is a

significant shortcoming.



108

In DRAIN-2D, the effects of shear on flexural stiffness is
incorporated by the standard modification of the appropriate terms of
the member stiffness matrices. This, however, is suitable only for
slender members where the effects of shear are of a lesser order than
the effects of flexure on the overall behavior. The significant draw.
back in neglecting the phemonenon of shear-yield is in the high shear
forces that are computed for the wall elements even after these develop
plastic hinges. In reality, once a wall element yields, its shear
capacity is also lTimited due to the "shear yield" phemonenon.
Consequently, it cannot be expected to develop higher shears than its
shear yield strength, as misieadingly computed by the program.

(7) Another drawback associated with the 1-D modelling of the wall
components is the inability to incorporate the web crushing phenomenan,
Furthermore, the model cannot distinguish between the demands of the
exterior and the interior edge members,

(8) The R/C degrading beam element representation of the coupling
girders is observed to be more appropriate than the one-dimensional
beam-column element representation of the wall components. However,
there are a number of shortcomings associated with this representation
as well: concentrated hinges at the member ends, neglection of the effects
of axial force on stiffness (these elements are assumed to have zero
axial force), neglection of the effects of bond and shear in hysteresis
(i.e., decay in hysteresis), are the observed shortcomings.

(9) 1t is possible to construct different models to represent the
R/C coupled wall by using the available element library of DRAIN-2D. ¥For
example, the wall components may be represented by.a number of beam-column
and truss elements rather than a single element. These measures were not

taken because of the significant costs in analysis. Modification of the
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existing element library for better representation of the coupled-wall
behavior is in progress.

(10) The representation of the four frames of the building in the
form of a single half frame (Fig. 2.21) is questionable, as such an
idealization results in an altered axial force history
in the columns. Consequently, inelasticity in the columns would not be
representative of the case if the complete frame topology (Fig. 2.1) were
maintained. However, the model does reflect the overall lateral stiffness
characteristics of the frames and is considered adequate in indicating
any significant contribution of the frames in the magnitude and time-
history of forces and deformations of the walls.

2.2.5.4 Data for Analyses: Member Properties, Gravity Loadings, Damping
and Time Incrementation

The member properties used in the time-history analyses were obtained
through moment curvature and moment-axial Toad interaction relations that
were derived for the members by the computer code RCCOLA [2.8]. The wall,
column, and frame beams' properties were assumed to be constant throughout
the height of the building (Fig. 2.21). The coupling girders were
designed in three types (Fig. 2.1) and their properties changed along the
height according to the design. The inputs for the properties of the
beam-column and R/C degrading beam elements are shown in Figs. 2.22 and
2.23.

The gravity loading for the total dead load and 40 percent of the
Tive load was applied to the wall and frame nodes and retained during
the dynamic analysis. This lToading was computed with respect to the
tributory loading areas of the vertical members. Forty percent of the
live load was included in the mass computations also, assuming this to

be a reactive Toad.
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A mass proportional damping equivalent to 5 percent of the critical
damping in conjunction with the fundamental period (0.99 secs. as computed
from linear analysis) was used in the ana]yses.

The earthquake accelerograms were incremented in 0.05 seconds in the
input. The integkation time step was prescribed as 0.02 seconds. Short-
trial analyses indicated very little change in analysis results carried

out with integration time steps of 0.01 and 0.02 seconds.

2.2.5.5 Results of Analyses

Data on nonlinear structural response, generated by the analyses,
are presented in detail in another report {2.12]. A Timited review
will be presented here, with emphasis on the reépohse characteristics
of the prototype building in order to derive loading histories and vertical-
lateral load relations for the test specimens,

The time-histories of the displacement, shear force, bending moment,
and axial force responses of the coupled wall-frame system subjected to
the E1 Centro accelerogram are shown in Figs. 2.24 - 2.27. The shear
forces and bending moments of the two individual walls of the coupled
wall system are observed to remain identical. The axial forces are
skew-symmetric with respect to the gravity forces.

Walls have remained linear during the response to E1 Centro; any
inelasticity is confined to the coupling beams. The maximum drift was
observed to be less than 0.3 percent. First yielding occurred at 1.94
seconds; at this time step beams of the fourth through tenth floors
reached yield moment at their left ends. The maximum number of plastic
hinges were attained at 2.02 seconds of response, when all beams except
first, fifteenth and the fourteenth floor beams developed plastic hinges

at both ends and the fifteenth and fourteenth floor beams had hinges at
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one end only. The maximum inelastic rotation demand was from the fourth
floor beam, and was 0.0026 radians. The frame beams at floors 6-14
yielded but the inelastic rotations were close to zero (0.0002 rads. max.).

The response of the structure to the E1 Centro ground motion may be
appraised as an upper bound of the serviceability response, or as a lower
bound of the damageability response, as defined by the S.E.A.0.C.
recommendations [2.13]. The seismic force demands for this response are
shown in Fig. 2.28 where the shear distributions of the coupled wall
system at the times of maximum base shear and maximum base overturning
moment are compared. A significant difference in the moment to shear
ratio of the seismic forces is observed between these two cases. The
value of o (overturning moment to shear ratio at the base as a factor
of the total height) changed between 0.33 and 0.71. The ratio is 2.15,
indicating that the 1973-UBC provisions, prescribing a force factor of
2.8 for the seismic force in shear design, as compared to a force factor
of 1.4 in the case of the axial-flexural design, can barely make up for
the difference in the distribution of seismic force at the times of
maximum shear and axial-flexural demands. The code practice, as
explained earlier, is to use the same seismic force distribution for both
axial-flexural and shear designs.

The distributions of seismic story shears of the coupied wall system
when the isolated coupled walls were analyzed under the same base
motion, are presented in Fig. 2.29. Comparison with Fig. 2.28 indicates
that incorporation of the wall-frame interaction increased the seismic
demands, as was the case in linear ana}ysis‘* The moment to shear ratios
for these analyses were obtained as 0.60 H and 0.40 H, for the cases of

maximum overturning and maximum shear force at the base, respectively.

* The period of the walls acting alone was obtained as 1.20 sec, as given

in 2.2.4. This period decreased to 0.99 sec when the frames were included
in the model.
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The difference is not as significant as when the interaction is
considered (0.6 vs. 0.4 as compared to 0.71 vs. 0.33), indicating that
the wall-frame interaction intensifies the difference between seismic
force distributions at the times of maximum base overturning moment
and base shear.

The time-history of the responses of the coupled wall-frame system
subjected to the Derived Pacoima Dam ground motion is shown in Figs.
2.30 - 2.33. ‘The time-histories of the shear and moment at the base of
the individual walls of the coupled wall system indicate significant
differences between the internal force histories of the individual
walls.

The big acceleration pulse of the ground motion between the two and
four seconds resulted in extensive damage to the system. At 2.98
seconds, a collapse mechanism is reached for the wall, as shown in
Fig. 2.34, At 3,00 seconds, another column hinge as shown in Fig., 2.34,
is observed on the 2nd floor of the tension column. As a consequence of the
hinging pattern in Fig. 2.34, the tension wall released most of its shear,
as required by the conditions of equilibrium.[2.12] This shear is picked up
by the frame columns. This condition is not realistic as, in reality,
the tension wall should be expected to retain a substantial amount of
shear capacity [Sec. 1.2.2]. The use of 1-D elements (where yield is
represented by concentrated plastic hinges at the ends) for the
mathematical modelling of the wall have led to this unrealistic extreme
in the release of shear to the frames.

The ground motion results in an unloading of the base hinges at
3.06 seconds. The loading of all plastic hinges between 3 and 3.06

seconds, which triggered the release of the shear of the tension wall
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at the base, was a result of the main acceleration pulse of the ground
motion. The effects of this pulse are similar to that of a laterally
distributed force of monotonously increasing nature. The response

of the structure to the Derived Pacoima Dam motion may be appraised

as the upper bound of the damageability response, as a mechanism is
caused for the wall by the earthquake. The frame columns remained linear,
- however, and the frame was observed to have satisfactorily performed
as a restraint to the structure. The maximum drift attained was 0.9
percent. This drift should be compared with the 1.2 percent obtained
when the isolated coupled wall system was analyzed, indicating the
restraining effect of the frame on the structure.

The seismic force demands at the times of maximum base shear and
base overturning moment are presented at Fig. 2.35. It is observed
that the characteristics of the seismic force distribution at the times
of maximum shear and moment are extremely different. At the time of
maximum base overturning moment, which corresponds to the time of the
maximum wall axial forces, there is a significant reduction in the first-
story shear as a consequence of the release of shear in the tension
wall upon hinging at the base and the second floor as discussed in
the previous paragraphs.

The base overturning moment to shear ratio corresponding to the time
of maximum overturning moment is larger than 1H due to the significant
reduction of the shear at the base of the wall. This ratio was computed
to be 0.34 H for the time of the maximum base shear. The difference in
these ratios is significant and demonstrates the conceptual error in
code design provisions which prescribe the same distribution for both

shear and axial-flexural design of the walls.
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Seismic force demands from the coupled wall when the coupled wall
system, isolated from the structure, is subjected to the same ground
motion, are shown in Fig. 2.36. Comparison with Fig. 2.35 indicates
that the base shear demand from the wall alone increased when the
frames were inciuded in the analysis. The same pattern was observed
for the E1 Centro responses as well. The seismic force attracted by
the wall-frame system is significantly higher than the seismic force
attracted by the wall system alone, due to the increased stiffness of
the system.* Consequently, the shear shared by the wall, when the
wall-frame system is considered, is observed to be larger than the
shear in the wall when only the wall was subjected to excitation.

The increase in the maximum base shear when the frames were
incorporated in the analysis is observed to be 11 percent for the EIl
Centro response and 9 percent for the Pacoima response. These do not
appear to be significant increases, however, for a wall that is at the
verge of shear failure, a 10 percent increase in the base shear may be
a very significant excess in demand. If the wall system has sufficient
shear strength, the incorporation of the frames are observed to result
in favorable changes in the earthquake response of the structure. The
drifts, as well as the wall tensile forces, are reduced. The over-
turning moments do not change. More significantly, the frames reduce
the shift in the center of oscillation of the structure, as is observed

when the results of Figs. 2.30 and 2.37, where the displacement histories

of the structure.mhen. the frames are and are not incorporated, respectively,

are compared.

* The period of the walls acting alone was obtained as 1.20 sec, as given
in 2.2.4. This period decreased to 0.99 sec when the frames were included

in the model.
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2.2.6 Assessment of the Design of the Prototype

The prototype structure, designed in accordance with the 1973-UBC
provisions, was subjected to Tinear and nonlinear dynamic analyses,
utilizing the 1940 E1 Centro {0.33 g} and 1971 Pacoima Dam (0.4 g)
ground motions. These earthquakes were observed to represent the lower
bound of the damageability and the ultimate 1imit state ground motions
of the structure. The data generated on the demands from the structure
in the cases of the damageability and the ultimate Timit responses, will
be compared with the supplies as provided through the design, to assess
the success of the design that was carried out with respect to the
1973-UBC provisions.

2.2.6.1 Computation of Period

The Uniform Building Code prescribes the expression 0.5 hn//ﬁ to
compute the period. For the prototype, this results in a period of 1.15

seconds. Another expression, suggested by the code is:

= 2 .

To use this expression, a lateral force system, fi’ shoutld be applied
to the structure and the corresponding story displacements, 61, computed.
w represents the lumped weights and "g" is the gravitational accelera-
tion. This procedure led to a period of 0.99 seconds for the complete
structure, which corresponds to the value obtained from an eigenvalue
analysis with the computer code, TABS [2.20]. An effective period

can be computed from the time-history of the displacements in the case
of nonlinear analysis. In this approach, the number of zero crossings
during the high ampiitude response is used to compute a period of 1.52
seconds for the E1 Centro and 1.60 seconds for the Pacoima response.
The empirical code expression, 0.5 hn//ﬁ, is not realistic as

it does not incorporate the structural system but just the dimen-

sions hn and D. Furthermore, care should be taken in the use of
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the refined code expressicn to include the total structure in the

analysis and not just the walls.

2.2.6.2 Comparison of Supply vs. Demands

In comparing supply vs. demand for a certain design quantity, the
code demand, (incorporating the prescribed forces, load factors, and
combinations, as well as the strength reduction factors} - and the

nominal supplied strength, should be assessed individually. Because

of many factors, rounding off of numbers, detailing requirements,
strain hardening in reinforcement, etc., the provided strength is
generally higher than the code demand. However, the actually supplied
strength and the supplied strength based on the computations as
prescribed by the code, are often significantly different, either
because of simplifying assumptions, or in some cases, because of
misconceptions that affect the accuracy of the computations that

are based on code expressions.

A possible means of comparing the code demand, supplied strength,
the actual (estimated) strength, and the required {estimated from linear
and nonlinear analyses) strength in the case of predominant axial-
flexural behavior is through the interaction diagram as shown in Fig.
2.38. It is observed that the supplied strength is significantly more
than the strength required by the code. One reason for this is that
the code required the wall edge columns to provide all the required
axial-flexural strength. Consequently, the actually supplied strangth,
when the complete wall cross section is considered, is significantly
more.

The demand obtained through linear analysis by the E1 Centro

spectrum is observed to far exceed the supplied strength. The demands
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for the same earthquake, in the case of the nonlinear response, are,
however, well within the range of the provided strength. The hysteretic
energy dissipation of the coupling girders has resulted in a significant
reduction in the axial-flexural demands of the earthquake from the wall
cross section.

The demands obtained from nonlinear analysis by the Pacoima Dam
record are observed to equal the supplied code strength. A certain
reserve strength, on the other hand, can be estimated by considering
the fact that the actual material strengths are generally higher than
the nominal strengths.

Another means of assessing axial-flexural supply vs. demand is
by considering the distribution of tension and compression at the
extreme wall edge columns. The code requires all axial-fiexural
demands to be satisfied through the strength of the edge columns. For
coupled walls, the computed demands from the extreme edge columns are
significantly larger than the demands from the interior edge members
at the base of the walls. The exterior vs. interior edge member
demands due to code and nonlinear analysis are shown in Fig. 2.39. It
is observed that the demands obtained through nonlinear time history
analysis for the ultimate 1limit earthquake are significantly higher
than the code demands, especially for the tension member. Another
significant discrepancy between the code and analysis demands is
observed for the distribution of these demands along the elevation
of the structure.

An assessment of supply vs demand for the extreme edge members is given
in Fig. 2.40. It is observed that the code and nonlinear Ei Centro analysis

demands for the tensionedge member are almost identical at the base.
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The analysis demand at the upper half of the structure, however, is
significantly higher in tension. It is also observed that the extreme
edge members are severely overstressed during the Pacoima response. The
estimated actual strengths of the members are barely sufficient to
satisfy the demands as computed from Pacoima analysis.

The demand vs. supply relations for shear are much more significant
than for the axial-flexural effects, as the analysis demands for the
flexure is related to the supply while this is not the case for shear.

In other words, the analysis demand for the axial-flexural effects

cannot exceed the supplied strength during nonlinear response as the

supply regulates the demand. In the case of the shear, however, the

supply and demand are not related, and the comparison becomes significantly
more relevant.

The demand vs. supply relations in shear are summarized in Fig. 2.41.
The significant problem in the assessment is the computation of actual
supply. If both walls are assumed to contribute in the order of
“14¢?€'dwtm", the actual supply appears to be sufficient to restrain
shear failure before flexural yielding. However, in the case of the
tension wall, this is questionable. It is, therefore, possible that
the demand may exceed the supply even in the case of the E1 Centro
response, if the tension wall does not contribute to the shear strength.

It is one of the objectives of this study to investigate the
actual shear strength of a set of coupled walls under different axial
force magnitudes. The comparison of demand vs. supply in shear strength,
computed with presently available knowledge, indicates a significant
danger of shear failure of the walls before sufficient energy dissipation

may take place. This is especially the case for the Pacoima response.
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2.3 The Model Subassemblage

2.3.1 General Information, Dimensions, Detailing

As explained in Section 2.1, a 4-story, 1/3-scale subassemblage of
the prototype coupled wall system, designed in accordance with the
1973-UBC provisions, was selected as the first model. The dimensions
and detailing of the model subassemblage follow from the dimensions
and detailing of the prototype (Figs. 2.1 - 2.7) and are shown in
Figs. 2.42 - 2.47. Apart from the slab thicknesses of 3 in., all the
dimensions of the model aré one-third of the corresponding dimensions
of the prototype. Slab stubs were designated as 3 in. rather than
2 in. in order to have sufficient stiffness to accommodate out-of-plane
restraints during the test. The transverse beams that were shown in
Fig. 2.1 for the prototype were deleted in the subassemblage to simplify
the formwork. Although the deletion of the transverse beams and
thickening of the slab stubs can affect the contribution of the floor
system to the lateral stiffness and strength, particularly that of the
coupling girders, this contribution was considered not to be very
significant in relating overall model response to the prototype response,

The wall edge members and the fourth-, third- and second-floor beams
were detailed with grade 60 #6 and #4 bars. Number three bars were
utilized in the first-floor beam. Specially manufactured 0.207 in. and
0.166 in. diameter wire was used as the edge column spiral and beam
ties. The stress-strain relations for the #6 and #4 bars, as well as
the 0.207 in. diameter wire, are shown in Figs. 2.48. As illustrated
in Fig. 2.48, the stress strain for the steel bar #4 shows a very high
yielding strength (75 ksi) and very little plastic plateau. Grade

60 #2 deformed steel bars imported from Sweden were used as the wall
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reinforcement; test results for these are also shown in Fig. 2.48.

A significant difference in the tensile strain capacity of the bars
imported from Sweden and those obtained from the West Coast manufacturers
are observed. The slabs were reinforced with welded wire fabric with
0.225 in. diameter materiaI in a square mash, 4 in. 0.C..

Ready-mixed concrete commercially available from a nearby plant was
used in casting the specimen. As a grout pump was used to pump the
concrete, a 7 in. slump and 3/8 in. maximum aggregaté size, with a
minimum 28 day strength of 4000 psi, was specified. The observed 28 day
strength was 4900 psi for the first two f1¢ors of the specimen. The
specimen was constructed in two halves, in an upright position. The
foundation and the first two floors of each half were cast first. The
top two floors were cast subsequently, approximately 45 days later.
These halves were transported into the test bed on rollers, and after
prestressing, the two halves were connected at the base and four floors,
where special force transducers (Section 2.5) were installed (See
photos: Figs. 2.49, 2.50).

The main requirements for successful subassemblage testing were
discussed in Section 2.1. Those requirements pertaining to a sufficiently
accurate representation of the material, section, element, and joint
behavior -- essential for the credibility of any reinforced concrete
model study -- are satisfied by the large scale (1/3) of the model and
the consequent choice of the materials. The remaining requirements are
related to the realistic representations of the (force and geometry)
boundary conditions of the subassemblage and the loading program. These

are discussed in subsequent sections.
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2.3.2 Boundary and Loading Conditions of the Model Subassemblage

The actual distribution of the gravity and seismic forces throughout
a structure is known to be complicated. Interaction between forces
in orthogonal directions is an added complexity. Testing a coupled wail
system in one plane assumes that bi-axial interactions in the response
of the system are negligible.

After this initial assumption, the force and geometry boundary
conditions of the model subassemblage may be discussed. These conditions
are relevant at the top cross section of the subassemblage, at the base
of the foundation, and at the cut ends of the slab stubs as shown in
Fig. 2.51. Furthermore, the gravity and seismic force distributions
within the subassemblage are also extremely complicated functions which
affect the response of the subassemblage. For reasons of clarity, these
forces are not indicated in Fig. 2.51.

The assumptions and idealizations that were made to simplify the
complicated geometry and force boundary conditions and the force
distributions within the subassemblage are as follows:

(1) The effects of the continuity of the slabs (Fig. 2.51) were
assumed to be negligible in the planar response of the system. The main
contribution of the slabs in the planar response will be in confining the
wall panel cracks within each story and redistributing the slope of the
effective compression struts developed in these panels. Slabs also con-
tribute to the axial strength and stiffness of the beams (restraining
growth) significantly, as well as to the flexural response of the beams
(coupling effect) to a minor extent. The selected slab stubs (represerting
a half of the adjacent spans) are assumed to be sufficient for these purposes.

(2) The foundation flexibility is a significant variable of the

study. For the first series of tests, however, this parameter will not
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be introduced, and the foundation will be prestressed through 14 points
to the test floor, resulting in a very large {relatively infinite) foun-
dation stiffness as shown in Fig. 2.52.

{3) The force boundary conditions at the top cross section are
represented by six concentrated force sources. These forces are applied
to relatively stiff stubs (headpieces) as shown in Fig. 2.52. A certain
variation of the lateral and vertical forces applied to these head-
pieces will occur during transition to the subassemblage. This arrange-
ment of force is assumed to be sufficiently representative in maintaining
the force {stress) continuity of the subassemblage at the fourth-floor
tevel. This assumption may not be as valid for the fourth story as it
would be for the first three stories. Consequently, the force and de-
formation history of the fourth-floor beam may not be accurately
representative of the histories that would be realized for that beam if
the structural continuity was maintained. However, this is not
considered to be a significant drawback.

(4) The gravity and seismic forces of the first three floors are
Tumped together with the 1atera1_and herizontal forces at the fourth-
floor level.

(5) The most significant assumption on the force boundary conditions
of the subassemblage is related to the history of the four vertical Toads
that are applied to the edge columns of the walls. These loads represent
(1) gravity forces at the base; (2) overturning moment at their level of 4-1/2
application; and (3) axial forces due to the shear forces developed in the
coupling girders between the fifth and fifteenth floors of the structure
(Fig. 2.52). The magnitude and history of the vertical forces ih
relation to the magnitude and histories of the lateral forces at the top

of the subassemblage should be representative of the actual response of

the complete structure.
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The relation between the lateral and vertical force magnitudes
and histories are assessed through nonlinear dynamic response analysis

studies of the prototype and are presented in Section 2.3.4.

2.3.3 Estimation of the Ultimate Force and Displacement Capacities of
the Model Subassemblage

An assessment of the ultimate force and displacement capacities of
the model subassemblage is required for the design of the test facility
and loading systems.

To estimate the ultimate force capcity, calculations will be
carried out on the prototype and then converted to the model basis. In
Section 2.2.3, the ultimate force (based on an external M/V ratio of
0.68 H) of 3268 kips was obtained for the prototype. The moment of this
force at the fourth-floor level is computed as 2.92 x 106 kip-in.

Assuming all the connecting beams have attained their ultimate
capacity, the axial coupling forces at this floor level are computed
as + 47.5 kips. These forces induce a coupling moment of 2.12 x 106
kip-in at this story level, indicating that the walls should develop
0.8 x 10% kip-in. (2.92 x 10% - x 2.12 x 10%) for equilibrium.

The gravity loads that will be apnlied to the columns at this floor
Tevel will be those loads computed at the base as 925 kips and 134% kips
for the exterior and interior columns, respectively. The resulting wall
axial forces due to coupling and gravity forces become 6985 kips
compression for the compression wall and 2445 kips for the tension wall.

To estimate an overbound on the required ram capacities, it is necessary
to make an assumption on the relative moment contributions of the two walls.
6

To obtain bounds it may be assumed that the total moment 0.8 x 10~ kip-in.
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will be provided by either only by the compression wall or equally by
both walls, respectively. The resulting equivalent vertical and lateral
forces on the prototype and model subassemblages are shown in Fig., 2.53.
These maximum forces are based on the assumption that overturning moment
to base shear ratio is 0.68. The effects of the change in this ratio

on the maximum vertical and horizontal forces of the model are
investigated in Sec. 2.3.4.

To estimate the expected levels of displacement that may be attained
at the top of the model, the most logical approach would be to estimate
an upper bound on lateral interstory drift. A survey of previous
tests on isolated shear walls indicates that (under monotonic loading)

7 percent interstory drift may be accepted as an upper bound. [2.10] The
resulting upper bound on the top displacement is 13.44 in..

2.3.4 Establishing Relations Between the Vertical and Lateral Forces
of the Subassemblage

To achieve a realistic simulation of the internal forces and/or
deformations at least at the bottom two stories of the subassemblage,
four vertical and two horizontal loads (Fig. 2.52) are planned to be
applied to the boundary of the subassemblage model. The boundary forces
(displacements) to the model will be introduced by six actuators
connected to an electo-hydraulic closed servo system. The relations
between the loads applied by these six actuators at any time during
the load history of the test were obtained from a synthesis of the time-
history of the responses that were presented in Sec. 2.2.5. The relations
obtained for different levels of response (serviceability and damageability)
were also compared with the relations obtained by assessing the ultimate
1imit state. The actual loading history for each of the actuators during

the tests is explained in Sec. 2.4.4.
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The process that was followed in establishing the relations between
the six actuator forces is explained in the following.

The first step in relating actuator forces to each other is to
establish the relation between the lateral forces of each wall. These
forces represent the base shear forces of the walls. The jmplicit
assumption is that the base shear force and the shears at the fourth
floor are sufficiently close together that the total shear of the first
four floors can be lumped at the fourth floor (Fig. 2.52).

The following options were considered in relating the lateral
(shear) actuator forces (Fig. 2.52):

(1) Both actuators may apply the same lateral force.

(2) Both actuators may be controlled to apply the same lateral
stroke (displacement).

(3) The force in one of the actuators may be prescribed as a
percentage of the force in the other actuator.

(4) The relation between the forces of the two actuators may be
changed depending on the direction of load in these actuators (push and
pull or pull and push).

An assessment of these options in view of the results of time-
history analysis, indicates that the fourth floor shears of the two walls,
as well as the base shears of the two walls, were nearly identical in
the E1 Centro response. Therefore, Option {1) may be adapted in a
serviceability level (or low damageability level) test.*

Pacoima response, on the other hand, indicates significant differences
between the base shears of the two walls at a certain time instance.

The fourth floor Tevel shears, however, are similar for both walls.

* ET Centro response was assessed to represent an upper bound for the ser-

viceability or a lower bound for the damageability level of response in

Sec. 2.2.5.
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As the fourth floor and base shears are significantly different (Fig. 2.3.1),
lumping the shear of the first four floors at the fourth floor level
appears to be a questionable idealization for the upper damageability

Tevel response. Furthermore, Option (4) appears to be a more
representative mann2r of loading since the left wall base shear is higher
than the right wall base shear when the left wall is in compression,

and vice versa when the right wall is in compression. In reality, if

the analytical model could incorporate the effect of the changes in the
axial force on flexural stiffness, a similar trend would have been

observed for the E1 Centro response as well. The difficulty in the
application of Option (4) is the time required to update the relation
between the lateral forces at each case of force reversal. A significant
creep effect is usually observed when a R/C system is loaded in the post-
yield range and when the force is sustained even for only short

durations of time, as required for data acquisition and observations.
Although pseudo-dynamic testing using actuator in Tine with computer
procedure as suggested by the Japanese seems ideal, even if this procedure
could be successfully applied, there is a serious drawback due to the fact
that actual structural damping is not included and due to the effect of in-
elastic creep. It is, therefore, a more practical anproach to undate force
relations each time a zero load is reached.

The option that was chosen for the first series of tests, where
significant wall damage was not anticipated, was to maintain identical
forces in the two lateral (shear) actuators. Subsequent tests for
higher wall damage levels are planned where Options (2) or (4) will be
applied. The main problem with applying equal forces to both walls is

that in the event of premature Toss of strength in one wail, if the
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actuator loading that wall is the slave to the actuator loading the
other wall, it would not release its force accordingly.

Option (2}, where the lateral displacements of the walls may be pre-
scribed to be identical, would result in constraining the growth of the
walls and the connecting beams. If the axially rigiddiaphraam assumption
should bea correct one, this will not be a serious drawback. This option
is being considered for subsequent tests. The main difficulty associated
with this option is in establishing transfers between vertical and
lateral forces, as the Tateral forces would not be predetermined.

Based on the decision to load both walls with identical shear forces
for the first series of tests, where a high level of damage is not
expected to be induced on the walls, the relation between the vertical
and lateral forces was then established in the following manner:

(1) Relations between the vertical and lateral forces of the sub-
assemblage for the serviceability level response.

The response state where walls remain linear and the connecting
beams do not have extensive inelastic deformation, is defined as the
serviceability response. The response of the complete prototype
structure to the N-S component of the 1940 E1 Centro record (0.33 g)
could be appraised as an upper bound for the serviceability response,
or a lTower bound for the damageability response. The walls and frames
remained Tinear during the excitation while the connecting beams developed
plastic hinges at each end. The plastic rotations, however, did not
exceed 0.0026 radians, indicating that the beam inelasticity was not
extensive. The moments and shear forces in the two walls were nearly
identical, the only difference caused by the differences in the positive

and negative moment capacity of the beams.
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Another observation is that there are instances when the shears of
the fourth floor and the base are different. At times of high base shear,
between 4 and 5 seconds, the base shear is almost twice the shear at
the fourth floor (Fig., 2.25). In general, however, an average positive
shear of 675 kips and an average negative shear of 966 kips at each
wall may be considered representative of the peaks for the base and the
fourth floor as well. As far as the moments are concerned, 1 125000 kip-
in. are observed to represent the peak responses for the fourth floor (Fig.
2.26). Similarly, the peaks of the coupling axial forces of the fourth
floor are observed to be 2069 kips compression and 3000 kips of tension
{(Fig. 2.27). As the waveforms for displacement, shear, moment, and
axial force indicate that these are all in phase, these established
average peak values may be used to relate the shears to the moments
and axial forces, as shown in Fig. 2.5.4., and to establish the
transfer relations for the serviceability level of response. The transfers
obtained in this manner should be considered applicabie for up to 90 kips
of shear per wall in the model, as this corresponds to the 820 kips of
average shear (675 + 966)/2 obtained for the peaks of the E1 Centro
response.

(2) Relations between the vertical andllateral forces of the sub-
assemblage for the ultimate 1imit state.

Another approach to arriving at transfer relations is to consider
the vertical and horizontal forces at the state of collapse. The ratio
of vertical force to horizontal force (defined as force transfer) is
Towest at this state, whereas at any other response state the base shear
will be less while the coupling forces will not decrease at the same
rate. The basic problem in this approach is to estimate the correct

overturning moment to base shear ratio at the state of collapse. The
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total base overturning moment resistance of the prototype wall system
was computed as 4.8 x 106 kip-in. in Sec. 2.2.3. The base shear at
the ultimate 1imit state depends on the assumed moment to shear ratio
at this state. As this was observed to change between (approximately)
0.5 H - 0.75 H in 1inear and nonlinear analysis, transfers are
evaluated for these bounds (Figs. 2.55 - 2.57).

Assuming a base overturning moment - shear ratio of 0.5 H, (Fig. 2.55)
the shear at collapse is obtained as 4444 kips. The coupling forces
at the fourth floor are 14715 kips, computed from the ultimate shear
capacities of the beams, as given in Sec. 2.2.3. The overturning
moment at the fourth floor is 4444 kips x 504 in. = 2,239,776 kip-in..
As the coupling forces provide 4715 kips x 450 in. = 2,121,750 kip-in,
the wall moments are obtained as 59,013 kip-in. at this floor. The
results of resolving and transfers are shown in Fig. 2.55. Repeating
the same operations for a base overturning moment-shear ratio of
0.75 H, the corresponding transfers are shown in Fig. 2.56.

An assessment of the computed transfer relations, 1.17 V and 2.9 V
for the exterior edge members, indicates the significance of the
moment to shear ratio in transfer of force. In general, during
nontinear dynamic response of the coupled wall-frame structure, the
base overturning moment-shear ratio shifts continucusly, as discussed
in Sec. 2.2.5. The transfer corresponding to an average moment to
shear ratio of 60 percent of His 1.85V for the exterior columns and 0.69V
for the interior columns. These figures are quite close to those derived
from the time-history of the responses, and were, therefore, selected to
represent the average lateral force - vertical force (excluding gravity)
transfer during the initial series of tests. The selected values of

transfer and expected maximum lateral and vertical forces are indicated
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in Fig. 2.57. For subsequent tests, different transfer histories will

be applied to study this variable.

2.4 The Test Facility

2.4.1 General

The test facility for the coupled wall subassemblage testing is
located in the Structures Laboratory at the Richmond Field Station of
the University. An already existing braced frame system that was at
fhe east end of the laboratory's main bay is the major component of

the test facility. The other components were designed to incorporate

this existing braced frame system. The design was carried out by Li under
the supervision of Bertero [2.7], the working drawings were made, and the

execution of the design was completed, by Development Engineer Barry Lotz.

2.4.2 The Test Floor

The test floor of the Structures Laboratory at the location stated
above, (Fig. 2.58) has dimensions of 60 ft and 20 ft and is pierced
by 2-1/2 in. diameter holes, 3 ft 0.C., illustrated in Figs. 2.58,

This floor was designed to act as a hollow box girder, prestressed

in the longitudinal direction. The system is a vierendeel girder in the
shorter direction. The braced frame system that was existing in the
laboratory is shown in Fig. 2.53, and a plan view of the east end of the
main bay, showing the location of the test facility with respect to the
holes on the floor, is given in Fig. 2.60.

The perforated test slab was designed for service loads of 100 kips
acting either up or down every 3 ft along the slab. A Tlongitudinal
horizontal forcevof 300 kips, acting 18 in. above and along the top
of the box section, was also considered as a possible service 1oad. The

box girder, as a whole, was designed for a flexural capacity of 20 x 103
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kip-ft and a shear capacity of 1500 kips (distributed equally to
three webs).

The main functions of the test slab regarding the test facility
were considered to be:

(1) To carry the weight of the specimens and the test frame (estimated
to be less than 4 kips every 3 sq ft).

(2) To withstand the local bearing pressures exerted around the
perforations due to the prestressing of both the specimens and components
of the test frame to the floor (max. 1600 psi).

(3) To withstand the maximum possible vertical force exerted on the
locations indicated in Fig. 2.60 due to the vertical loading of the
specimen as will be discussed in the next section. The maximum vertical
force demand on any of these locations indicated in Fig. 2.60 was
calculated to be significantly less than the design service load of 100
kips every 3 sq ft for the slab.

(4) To withstand the lateral friction forces that are generated
between the reaction blocks of the braced frame and the test floor,
estimated to be insignificant for the floor system.

An assessment of the possible demands from the existing test floor

indicates that the supplies are sufficiently adequate.

2.4.3 Loading Frame

The braced frame system that was existing in the laboratory had a
Tateral load capacity of 4 x 240 kips = 960 kips where the load application
points are indicated in Fig. 2.59. This frame was incorporated in the
design of the Toading system, the mathematical model of which is shown
in Fig. 2.61. The major components are labelled as braced frame, cross

beams, top grid, and columns. The six load sources are also indicated in
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Fig. 2.61.

Comparing the mathematical model with the front view of the specimen
and the test frame, shown in Figs. 2.62 - 2.64, the mathematical model
and the actual counterparts may be related to each other. The
crossbeams are transferring the north side lateral force to the braced
frame while the South side Tateral force is directlv transferred to the
middle columns of the braced frame. Both lateral forces are subseauently
transferred to the floor in the form of a friction force between the base
of the reaction blocks and the floor.

The four vertical forces are applied through the top grid which
transfers these forces to the middle columns of the braced frame and the
columns at the end, as indicated in Fig. 2.61 and then to the floor,
through the foundation grid prestressed to the floor and as shown in Figs.
2.62 and 2.65.

A11 components and connections, as well as the reaction blocks of
the Toading frame, were designed and checked against the capacities of the
actuators (Fig. 2.67), which were larger than the expected maximum forces
on themodel subassemblage, discussed in Section 2.3.3 and shown on Fig.
2.53. The possibility of changes in the positioning of the vertical
forces to accommodate models of different geometry, was also considered.
Detailed drawings of the test frame are given in Figs. 2.62 - 2.66.

A parts list for the frame is given in Table 2.5.

2.4.4 Actuators and Loading Control System

Information about the load and displacement requirement from the
six load sources was given in Sections 2.3.3 and 2.3.4. The six actuators
that were installed in the test frame for the purposes of applying the

horizontal and vertical forces of the subassemblage are shown in Fig. 2.67.
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Also, included in this figure is relevant data, and, the force and
stroke capacities for these actuators. The force and displacement
capacities were chosen to be adequate for the corresponding force and
displacement bounds estimated for the specimen in Sec. 2.3.3. A main
hydraulic power supply, which also provides power to the shaking table
at the Richmond Field Station, was tapped for the hydraulic pressure
demands of the actuators. The power supply provides an adequate flow of
0oil at 3000 psi to the actuators when the shaking table is not in
operation.

Each actuator was equipped with a servo-valve énd a load cell, rated
for the capacity of the actuator. Each actuator was linked to a controller,
which was capable of commanding the actuator through the servo-valve on either
force or stroke control. The force feedback was obtained from the
load cell of the actuator while the stroke feedback could be obtained
from any selected displacement transducer on the specimen.

The loading system thus consisted of six actuators with servo-valves
and load cells, and six independent controllers, one for each actuator.
Each controller could be operated manually, by monitoring the force or
stroke feedback through a digital voltimeter, and maintaining any
desired vaiue for the feedback. Other alternatives were also available,
to preset the force or stroke of any actuator, a slave.to the force
or stroke in a master actuator was possible by wiring between controllers.
In this manner, one master actuator could be commanded through either
force or stroke feedback while another, or any other slave actuator(s),
could apply a force ordisplacement which is an established percentage of
the force or displacement of thé master actdator. A further option in

the operation of the actuators was the possibility of operating each
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actuator either independently or as a slave through two individual

control channels in each controller. This option was used to maintain
gravity loads in the vertical actuators individually, followed by
operating all vertical actuators as slaves to a lateral actuator to
simulate overturning and coupling effects at the top of the subassemblage.

Using the control options explained above, the six actuators were
programmed to operate in the following manner during the initial period of
tests:

(1) The gravity loads were applied by the four vertical actuators
v(in increments ).

(2) The lateral actuators were 1pcaded in force control at small
increments until a certain inelastic response state was reached by the
specimen.

(3) The force in the lateral actuator at the north end was made a
slave to the force in the Tateral actuator at the south end at all times.
(4) Lateral loadings after a certain inelastic response state was

continued on a displacement feedback. The problem associated with this
operation was the possibility of the failure of the wall loaded by the
slave actuator, while the wall being loaded by the master actuator

retained its capacity. Trying to maintain the same force applied by the
master ram, the slave ram would not release its load and could relentlessly
destroy the girders and the wall to which it is attached. This possibility
was checked by manually and continuously monitoring displacement readouts
on rams. Another alternative was to maintain identical strokes by the

two lateral actuators. This, however, was not applied during the first
series of tests as it would have resulted in involuntarily restraining

the growth of the walls and the beams at the top of the specimen, as

explained in Section 2.3.4. More significantly, relating vertical forces
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to the lateral forces would have been a difficult problem when the
lateral force in each wall is not predetermined. One possibie solution
appears to be relating the vertical forces of each wall to the lateral
force that is resisted by that particular wall.

(5) The vertical actuators, after applying the gravity loads,
applied forces as a function of the forces in the master lateral actuator.
The force transfer relations between the lateral and vertical rams were

discussed and derived in Section 2.3.4.

2.5 Instrumentation and Data Acguisition

2.5.1 General

‘The main external force, internal force, deformation, and strain
quantities to be méasured were assessed critically with the objective of
arriving at an optimum external and internal instrumentation scheme for
the specimens. Although it is usually tempting to over-instrument a test
specimen, limitations to the speed and capacity of data acquisition systems,
as well as data reduction capabilities, 1limit the amount of data that may
be retrieved from a test.

The six external forces (applied by the actuators, Fig. 2.67) were
monitored by Toad cells built specially for each actuator. The internal
forces of the four connecting beams were the internal force quantities
monitored by force transducers designed and manufactured for this
purpose, (Figs. 2.69 - 2.73}). Knowing the 6 external and 12 internal force
quantities, the internal forces of any other cross section of the structure
could be obtained through statics.

The deformations that were decided to be measured (Fig. 2.68) were:
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(1) The lateral displacement of each wall at each floor level and
the mid-height of the first floor.

(2) The contribution of shear distortion to the lateral deformations
of each wall at each floor Tevel.

{3) The axial deformations along each of the four edge members,
and the pull-out deformation at their bases.

(4) The average strain in the 0°, 45° and 90° directions, at each
corner of both first floor wall panels.

(5) The elongation (growth) of each beam.

{6) The rotations along the critical regions of the beams.

(7) The contribution of the shear distortion to these beam
rotations.

The rigid body displacement components at the bases of the walls and
any displacement of the reference frame from which specimens' deformations
were measured, were also included in the external instrumentation (Fig.
2.68). The internal (strain) instrumentation was designed with the
objectives of recording the strain history of and detecting the first
yield of the reinforcing bars at the critical regions of the beams (Fig.
2.74) and the walls {Fig. 2.75). Bond stress distribution over a number

of the reinforcing bars at the critical regions were also obtained.

2.5.2 Data Acquisition

Special force transducers, lcad cells, large dispiacement capacity
wire linear potentiometers (wire pots), regular metal core linear
potentiometers (stick pots), clip gages and weldable strain gages, as
well as dial gages, constituted the force, deformation (displacement),
and strain measuring devices used in the experiments. Data from all

instrumentation were collected by two identical data acquisition systems
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at manually controlled intervals. Each system, incorporating a teietype,
scanner boxes, a computer, and a tape device, was capable of reading up
to 500 data channels at 2 channels per second, converting this data to
engineering units, and storing it on magnetic tape. Due to the large
number of data channels (approx. 250), if only one data acquisition
system were used, a reading of all the data channels, printing of results
on the teletype (requiring a significant amount of time), and writing

on magnetic tape, would have required approximately 10 minutes. This
would have resulted in acquiring data at infrequent load and/or
displacement intervals and wou]drhave led to significant inelastic

creep problems during the tests. It was decided to consider the data

in two groups connected to two different acquisition systems;

(1) Primary (control) data, including basic external force and
displacement measurements, required to control the test and immediate
diagnosis of behavior, {approx. 50 channels).

(2) Secondary data, including all strain readings and local
deformation readings (approx. 200 channels).

The primary data, involving only 50 channels, were retrieved at
close intervals and printed for immediate diagnosis; and the secondary
data were recorded on tape, which required less time than printing the
primary data. At a number of intermediate load or displacement points
during the load history, data were scanned and stored by both systems
without printing the primary data channels. Using two data acquisition
systems in such a manner facilitated the control and execution of the test,
The major force and displacement channels were also monitored by two and

three channel x-y recorders.
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The data stored on magnetic tape are reduced subseguently on a
CDC 7600 computer system. Reorganization of, and printing, plotting,
and carrying out computations on this data are achieved by writing
computer codes for this purpose. A detailed in-house report on these
data reduction codes, which also contains detailed technical specifications
and other data on instrumentation, is available [2.4]. Brief information
is provided on the type, location, and purpose behind installation of
the individual force, displacement, or strain sensors in subsequent

sections.

2.5.3 External Instrumentation

The external instrumentation consisted of (1) Load cells, (2} Force
transducers, (3) Displacement transducers (wire or stick linear
potentiometers),{4) Clip gages, (5) Dial gages. These are indicated in
Fig. 2.68.

(1) Load Cells: (Fig. 2.68) Each actuator was equipped with a
screw-in load cell rated for the capacity of the actuator (Fig. 2.67).
The six load cells were connected to the six controllers, and then to
both data acquisition systems and recorders.

(2) Force Transducers: (Fig. 2.68) Special force transducers were

designed to monitor the axial force, shear force, and bending moment at
the midspan of the connecting beams. A detailed in-house report is
available on these transducers [2.4]. The basic approach in the design
was to idealize a beam segment by various axially-loaded fibers (force-
bars) which could be instrumented by strain-gages and wired so that
individual internal force channels, which do not interact with each other,

could be obtained,
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The side view of the force transducer indicating the force bars
is shown in Fig. 2.69. A front view, and connection details between
the force bars and the end plates, are shown in Figs. 2.70 and 2.71.

The wiring diagram for each of the internal force channels is shown in
Fig. 2.72. The transducers were calibrated under axial compression,
pure bending, and bending with shear, as outlined in Fig. 2.73.

In the transducers, the total number of force channels, twelve
altogether, were monitored by the primary data acquisition system. It
was possible to compute the internal force at any cross section of any
member of the subassemblage with the information obtained from the
force transducers and the Toad cells, as the components of the subassemblage
were rendered statically determinate with this information. The force
transducers thus yielded vital information to assess the overall behavior
of the subassemblage, namely, the shear and flexural redistributions
that occurred between the walls, and the axial load in each wall.

(3) Displacement Transducers: The different types of displacement

transducers used on the specimens were wire pots, stick pots, LVDT's,

clip gaﬁes, and dial gages. An instrumentation column was erected at
each side of the specimen (Fig. 2.68), on which a wire pot was installed
to measure the lateral displacement at each floor level of each wall.

The pots at the floors were 30 in. capacity (+ 15 in.), while mid-height
first floor, was instrumented with 12 in. capacity (¥ 6 in.) stick pots.
The top of the instrumentation columns were instrumented with wire pots |
to record displacements of these columns with réspect to stationary points
in the laboratory. Displacements in the order of 0.025 inches were
recorded at ‘the. top of the instrumentation columns because of floor

rotations at the base. The measured specimen lateral deformations were
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corrected to incorporate the dispiacement column displacements during
the data reduction.
The shear distortion of each floor of each wall was measured by
diagonally placed stick pots (Fig. 2.68). Elongation of the
columns and the pull-out distortion at the foundation level were
measured with clip gages (Fig. 2.68). In addition to computing the
growth of each edge column, these clip gages were used to compute the
distribution of average rotation over the height of the walls. The
two first-floor panels were instrumented with clip-gage rosettes at each
corner, as shown in Fig. 2.68, to evaluate the direction and magnitude
of the principal strains at these locations. Beams were instrumented
with ¢lip gages to measure the rotations at the column-beam interface
and along the critical sections of the beams, as shown in Fig. 2.74.
The diagonally placed clip gages were for measuring the contribution
of shear distortions to the overall rotations of the beam critical regions.
The displacements and rigid body rotations of the test specimen
foundation were checked with a sufficient number of dial gages. The total
number of displacement transducers used during a typical test, follows
(Fig. 2.68)

8 - 30 in. capacity wire pots

23 - 12 in. capacity stick pots
2 - 12 1in, capacity wire pots
16 - 4 in. long clip gages

96 - 12 in. long clip gages.

0f these instfumenfs, the wire pots and stick pots were connected to
the primary data acquisition system. The clip gages were connected to the

secondary system. The two top level displacement potentiometers were
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also connected to the secondary system in order to relate the readings
in both systems. These top level displacement potentiometers were
first connected to the controllers to operate the lateral actuators in
stroke control; they were then connected to the two data acquisition

systems and recorders.

2.5.4 Internal Instrumentation

The internal instrumentation consisted of weldable strain gages with
a strain capacity of 0.02. These gages were welded along their lengths
on reinforcing bars. The'protruding Tugs of the deformed bars were ground
off at the locations of these gages. The strain cage locations of a typical
beam are shown in Fig. 2.74. The gages of the walls and the edue columns are
indicated in Fig. 2.75.

A total of 112 strain gages were used in each specimen, with the
basic objectives being to: (1) Detect the yield of stirrups and
flexural bars; (2) Determine the distribution of strain along the bars
instrumented with more than one gage, i.e., bond stress distribution;
(3) Obtaining the distribution of strain aleng cross sections instrumented
by gages at different locations, i.e., curvature .computations; (4) Record
the history of bar strains at the critical regions of the beams, edge
columns, and panels. A1l the strain gages were connected to the secondary

data acquisition system.
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TABLE 2.1 MAGNITUDE AND DISTRIBUTION OF THE EARTHQUAKE LOADING
FOR THE PROTOTYPE COUPLED WALL SYSTEM (INCLUDING TORSION)

1973 UBC (ZONWE 3) 1979 UBC (ZONE k)
FLOOR KIPS KIPS
15 86.76 183.90
14 91.63 108.68
13 85.09 100.92
12 78.54 93.15
1 T2.00 85.40
10 65.45 77.63
9 58.91 69.87
8 52.36 62.10
7 45.82 5h .3k
6 39.27 h6,58
5 32,73 38.81
L 26.18 31.05
3 19.6k4 23.28
2 13.09 15.53
1 6.55 T.76
Total Base
Shear, Kips TTh 993

* The point of application of the resultant "E" loading,
measured from the base of the wall, is: 1478 in. for
1973-UBC loading (0.68 H), and, 153h4 in. for 19T79-UBC
loading (0.T1 H).

Preceding page blank
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TABLE 2.2 RESULTS OF NOMINAL ANALYSIS BY NONFACTORED
"E," "D" AND "L" LOADING PRESCRIBED BY UBC-T3 AND UBC~T9

II d Ell Il d II
N/2 lCOUPuMG

l
UM' UMZ % M/d

De DiTDEAD LOAD

N/2

MOMENT M/d

Di De

TLe LiTLlVE LoAaD| Le Li
FORCES AT THE BASE

!?ESULT[NG FROM

E" LOADING ONLY EDGE MEMBER DESIGN
({ NO GRAVITY EFFECTS ) FORCES INCLUDING GRAVITY
"E" LOAD ANALYSIS EDGE MEMBER DESIGN FORCES
(kips)

v, =, M, =M, Nl =N, K/2 | M/d | De Di |Le | ILi
(kips) | (xip~in) | (kips)

UBCT3 | -387.00 191838 1690 845 § 761 | 85k {1232} 71| 113

UBCTY | L99.50 250313 2283 11k2 {1001 | 85% §1232 | 71| 113
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TABLE 2.3 RESULTS OF NCMINAL ANALYSIS;
BEAM DEMANDS FOR "E" LOADING

BEAM END MOMENTS (KIP-IN.)

FLOOR UBC 73 TYPE UBC T9 TYPE
15 4936 T496
1k 5522 1 8257}> 1
13 * GL5T # glLo7
12 7567 10749
11 8732}) 2 121hh}>, 2
10 * 9867 *#13493
9 10905, 14717,
8 11788 15745
T 12k56 1650k
6 12839 ? 3 #6907 > 3
5 *128k7 16835
i 12350 1612k
3 111647 145347
2 9013 2 11710 2
1 5493 1 1125 1

Beam End Moments for Gravity Loading Wl2
12

1.4(pL + LL)+ 1312 kip-in.
0.9 DL T37 kip-in.

+ LL is reduced by 60%



TABLE 2.4 LINEAR DEMANDS FOR ONE SET OF COUPLED WALLS AND
ONE TYPICAT, FRAME AT THE BASE OF THE PROTOTYPE

Lw B Le .
450" , 702" ‘
ONE SET OF U T ONE TYPICAL
COUPLED WALLS |!"|ga""m FRAME
< V1 R "1 ; <« Ve «—Vi «—Vi «—Ve

\_Iwi \_Awmr \_MMe \_AMi\_MMi \_AMe
| w (L LNe#NiT‘NiTNe

Vp = Vp + V, Ve = 2V + 2V
BOM,* = M) + M, + RN BOMp* = 2M, + 2M; + 13N + 1.Ne
WALLS RESIST ALL E/Q WALLS AND FRAMES RESIST ALL
EFFECTS INDIVIDUALLY E/G EFFECTS TOGETHER
ANALYSIS Var BOM,, Vi BOM,, Ve BO
KIPS 103 kip-in kips | 103 kip-in kips | 103 kip-in
UBC T3 TTh 114k.18 656 807.35 30 190.56
"E" LOADING
EL CENTRO *#* .
500 E, 0.33 g 4418 6188.34 5692 6963.61 257 727.73
5% DAMPING
DERIVED PACOTMA¥#
S16E, 0.4 g 13012 19828.06 11554 1L613.28 507 1533.08
5% DAMPTING 1

¥ BOM: Base Overturning Moment, which is a measure of flexural demand.
%% Modal Spectral Analysis, only the first three Modes of the structure were considered.

0sl



TABLE 2.5 PARTS LIST OF THE TEST FRAME

Relled Sections2 Plates2

1 Total Total Total

Part No. of Section Length Weight No. per Dimensions Weight

Parts (in.) (1bs.) Part (in.) (1bs.)
A 2 W 30x132T {237 3-174" 6,144 30-1/4x10-1/2x3/4 138
12x24x1T 334
28-1/4x5x5/8 205
B 4 W 27x177" 25-3/8 1,500 4 24-7/8x6-5/8x3/8 287

L 4x3x5/8(4) 82 372
C 1 W 21x142" 67 793 21-1/2x13-1/8x3/4 123
4 4 19-1/4x6-1/4x3/8 53
D 2 M10x10x5/8 |31' 6-1/2" 4,667 1 [ 12-5/8x12-5/8x1-3/4]| 162
T 7x7-1/2x2 61
E 2 1 10x10x5/8 31t gm 4,648 1 12x14x2 195
2 10x11-1/2x3 400
F 4 ¢ 10x20 9% 627 1 7x15x1~1/2 183
20-1/2x15%5/8 223
17-1/2x5x1 203
o2 2 1 12x36x2-1/2 626
H 2 EYE 1 12-3/4x12-3/4x1~3/4] 165
1 8x7x4 130
(Cont.)

lTetal number of various sections given in ( ) if greater than one.

2A11 parts A36 steel except those noted + = A588 steel.

LGL



TABLE 2.5 Continued

%All parts A36 steel except those noted + = A588 steel.

Rolled Sections? Plates?
1 Total Total Total
Part "No, of Section Length Weight No. per Dimensions Weight
' Parts (in.) (1bs.) Part (in.) (1bs.)
I 2 EYE 37x18x4 1,545
' 1 17-1/2x16x8 1,300
J 2 EYE 37x18x4 . 1,545
10x11-1/2x6 - 400
K 1 EYE 13-1/8x19x2-1/2 181
11-1/2x10x6 200
L 2 20-1/2x16-1/2x2-1/2 490
11-3/4x10x3 205
M 2 CLEVIS 16x24x%3 668
11-1/2x10x3 400
N 2 CLEVIS 1 19%15-1/4x2-1/2 420
1 11-1/2x10x6 400
0 5 L 5x5x1/2 52-11/16 378

P 1 C 15x33.9 2,829 1 72x20~-/34x1/2 217
4 3-3/8x15x1/2 29
4 7x15x%1/2 61
6 .13x13x2 588
2 13x18x2 136

lrotal number of various sections given in ( ) if greater than one. (Cont.)

esl



TABLE 2.5 Continued

2
Rolled Section52 Plates
1 Total Total Total
Part No. of Section Length Weight No. per - Dimensions Weight
Parts . {in.) - (1bs.) Part (in.) {1bs.)
Q 1 C 9x15 88-1/2 111
R 2 CLEVIS 23x21x3
16x17x2-1/2
s 2 CLEVIS 1 21x17-1/4x2-1/2
11-1/2x10x3
T 4 W 36x230 N.A. N.A.
U 4 W 12x65 N.A. N.A.
v* ﬁ MC 12x35(2) 34' 10" 2;438 3-3/4x12x1/2 78
MC 7x19.1(15) 15! 573 10-57/8x3-1/4x%1/2 60
7x14x1-1/2 511
W 2 [ 8x8x1/2 28'2-7/8" 2,674 1 15-1/2x15-1/2x1-1/2 209
X=* 2 C 10x25 9' 8" 483
v 4 0 8x8x1/2 21' 3,977 1 15-1/2x15~-1/2x1-1/2 418
YAl 3 C 5x9 9' 6" 257
a% 4 € 5x%9 15" 8" 564
b#* 2 MC 8x18,7 10 32
1Total number of various sections given in ( ) if greater than one. (Cont. )

2
All parts A36 steel except those noted

*
Ancillary frame parts.

+ = A588 steel.

€4l



TABLE 2.5 Continued

Rolled Sections2 Plate32
‘ 1 Total Total , Total
Part No. of Section Length Weight No. per Dimensions Weight
Parts (in.) (1lbs.) Part (in.) {(1bs.)
c 6 ‘ 1 36-1/2x5%1/2 159
d 4 C 9x20 ‘ 96
e 6 C 10x20 40
f 4 W 6x8.5 15-1/4
g 2 PIN 5"$STOCK 12 137
h 2 PIN 3-1/2"¢STOCK| 10 56
i 2 PIN 5"¢$STOCK 14 160

lTotal number of various sections given in ( ) 1f greater than one.

2All parts A36 steel except those noted + = A588 steel.

wal
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A2. APPENDIX TO CHAPTER 2

A.2.1 Relating Girder Stiffness to Coupled Wall Stiffness

Using the laminar approach, the top deflection of the coupled wall
system subjected to a triangular distributed load (similar to that

required by seismic codes [2.16, 2.17]) has been derived as [2.3]:

(coupled wall) = 11 MH4 K
- 120 E(I1+Iz)

ytop 4

where; -
1+ (ﬁ*z'- a—ﬂi-) Sinh ol

1 120 1 1
K, =1 -~ + —(—-)-2 o
4 u 1T ufoH 3 (aH)2 Cosh aH
) (A1+A2)(I}+12)
u =1+ 5
A1A2L
2. 1
- ;2 I L . 5
hb (I1+12)

The nomenclature is defined at the end of Section A.2.1. There
are a number of assumptions pertaining to the above formulation, namely:

(1) The cross sectional properties of the walls and the beams
are constant over the height of the building.

(2) The walls deflect equally, i.e., the connecting elements
have zero moment at their midspan.

(3) Material is linear.

(4) Plane sections remain plane.

The top deflection of the coupled wall system, assuming it to be

a solid cantilever beam, subjected to triangular load of intensity w at

top, can be obtained as:

4
. 211 wH
ytop(sohd waH) = TZU ‘EE
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Consequently, the ratio of stiffnesses of the coupled wall and

the (hypothetical) solid wall are obtained as:

i Lt
Yigp(s0lid wall)/y,  (coupled wall) = -

For the prototype structure, the quantities I], I2 and Isw are

computed as follows:

[ = - 30x 2823
171 12

3
(30-12) x 222° . 39.65 x 10° in.*

3 3
1., = 25732 44 1B X300 42 (18 x 30 x 3512)

+2 (16 x 30 x 992) = 536 x 10° in.?

To evaluate ytop(solid wa11)/ytop(coup1ed wall), u is obtained

as follows:

Ay = A, = 4464 in.2

6
wo= 7+ 2X 4464 X 2 x 39.65 X 10° _ 1 178

44642 x 450°

The procedure followed in constructing Fig. 2.2,where the ratio
ytop(solid wal])/ytop(coupled wall) is shown for various beam sections,

is as follows:

(1) For a given beam dimension, calculate the gross section

moment of inertia, Ip, for the beam. .

(2) Calculate a, Ky and ytop(so1id wa11)/ytop(coup1ed wall).
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As an example, for the T-beam dimensions of 48" x 24", with 6"

flange thickness and 42" flange width,

4

et
I

= 265,054 1in,

~oj—

. 2
. - 12 x 265,054 x 450 x 1.175 = 3.74 x 1073 1/in.

144 x 168° x 2 x 39.65 x 10°
K4 = (,1879
6
. _ 2 % 39.65 x 10 1
ytop(solld wa]])/ytop(coup1ed wall) = . 106 X 57879 - 0.79

i.e., the stiffness of the coupled wall, assuming a triangular distribution

of external force, is 79 percent of the stiffness of the solid wall.

Notation:

Yop = horizontal deflection at the top

w = intensity of triangularly distributed load at top
H = total height of the system
'E = Youngs modulus of elasticity

h = story height

b = clear Tength of girder

L = distance between wall centroidal axes

A] A2 = cross sectional areas of walls
I],I2 = moments of inertia of walls

I = moment of inertia of connecting girder

I = moment of inertia of solid cantilever wall obtained by
assuming the openings do not exist.
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L e 1 (Aythy)  (1+1,)
AR, ¥
2 1
. 12 1L o \3
h b3 (1,+1,)

A.2.2. Design of the 15-Story Prototype Coupled Wall System with the
1973-UBC [2.76] and 1979-UBC Lg.17l Provisions

A.2.2.1 Dead Loads

Based on the floor area and member dimensions in Fig. 2.1, the dead
load of the beam and slab system, columns shear walls, and connecting
girders, as well as the Toads due to partitions, exterior walls, and
mechanical equipment, were computed to be a total of 2028 kips for the
roof and 2295 kips for the typical floor. The total building dead weight
was then computed as 34158 kips.

A.2.2.2 Earthquake Load, 1973-UBC

According to Sec. 2314 of 1973-UBC,

0.05 h,
T=——— = 1,152 sec.
i)
c=20 .48
¥T
V= ZKCW = 1 x 0.8 x 0.048 W = 3.84% W
V = 0.0384 x 34158 = 1312 kips.

The structure is assumed to be located in the maximum seismic load
zone, Zone 3. Consequently, Z is 1. The horizontal force factor K is
taken as 0.8 from Table no. 23-I of the code. According to UBC Sec. 2314 (j)

Structural Systems. 1. Design requirements. the structure, which is




A5

over 160 ft tall, is required to have a space frame capable of resisting
not less than 25 percent of the reguired seismic forces for the structure
as a whole. Hence, the horizontal force factor, 0.8. Also, in Table
23-I, three criteria for the design of such systems are prescribed as:

(1) The frames and shear walls will resist the total lateral force
in accordance with their relative rigidities considering the interaction
of the shear walls and frames;

(2) The shear walls, acting independently of the ductile moment
resisting portions of the space frame, will resist the total required
lateral forces;

(3) The ductile moment resisting space frame will have the
capacity to resist not less than 25 percent of the required lateral
force.

By virtue of the second criterion above, the shear walls will be
designed to resist all the total required lateral forces for the

building, as this appears to be the most critical of the above criteria

for the designof these walls. However, criterion (1}, which prescribes
design with proper incorporation of the frame-wall interaction, may
result in a design with a more favorable ultimate Timit state behavior.
This is discussed more thoroughly in Section 2.2.4. According to UBC Sec. 2314
(g), a 5 percent eccentricity between the centers of mass and rigidity
should be incorporated. This eccentricity results in a torque of 11808
kip~-ft (0.05 x 180 ft x 1312 kips) for the N-S direction of the building.
By virtue of criterion (2) in Table 23-1 of UBC the two coupled wall
systems are assumed to resist this torque completely, by developing
shears equal to 118 kips {11808 kip-ft/100 ft) in addition to the base
shear obtained from Sec. 2314 (d), eq. (14-1).
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The base shear that is resisted by each coupled wall, therefore,
becomes 774 kips (1312 kips/2 + 118 kips). The distribution of this
total base shear, including the effect of torsion, is shown in Table 2.1.
The coupled wall system was analyzed under this distribution with the
program TABS [2.20]. The results of analysis are given.in Tables 2.2
and 2.3.

A.2.2.3 Earthquake Load, 1979-UBC
According to Sec. 2312 of 1979-UBC,

0.05 h_
T=s —— = 1.152 sec.
/o
C=—— =0.062 (was 0.048 for 1973-UBC)
15/T
V= ZIKCSW =1 x 1 x 0.8 x 0.062 x 1 W = 4.96% W
V = 0.0496 x 34158 = 1694 kips

The assumptions implicit in the above computation are: (1) The
structure is located in Zone 4, Zone of the highest seismic risk; (2)
Occupancy importance factor I is 1; (3) Site-structure resonance
coefficient § is 1. The assumptions were made to obtain the earthquake
Toad that may be as near as possible to the load prescribed by the
1973-UBC. There is, regardless, a 29 percent increase in the base shear
as compared to the base shear éomputed by the 1973-UBC, due to the
difference in the coefficient C. In general, the coefficient S will be
larger than 1, accentuating the increase in base shear.

The provisions in UBC-1979 regarding the horizontal force factor K are

unchanged from UBC-1973. The discussion pertaining to this factor in
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Sec. A.2.2.2 will be valid here as well. The design earthquake base
shear of one coupled wall system, incorporating the provision 2312 (e) 5,
regarding the Horizontal Torsional Moment,in a similar manner as in
Sec. A.2.2.2, becomes 999 kips (1694 kips/2 + 0.05 x 180 ft x 1694 kips/100
ft).

Provisions regarding the disfribution of this base shear, specifically
the expression for the concentrated force at the top of the structure,
are different than in 1973-UBC. The computed distribution is shown in
Table 2.1. The moment to shear ratio at the base is 71 percent of
height, as compared to 68 percent of height, which was obtained for the
1973-UBC prescribed distribution. It is concluded that the lateral force
and the moment to shear ratio resulting from this distribution are signi-
“ficantly more in the 1979-UBC provisions.

The results of analysis of the coupled wall system by the 1979-UBC
prescribed loading using the program TABS [2.20] are given in Tables
2.2 and 2.3. Comparing nominal analysis results, wall base moment, and
base shear demands and beam flexural demands are approximately 30 percent
to 35 percent more with 1979-UBC prescribed loading as compared to 1973-UBC

prescribed loading.

A.2.2.4 Gravity Loads of the Coupled Wall System

The gravity loads of the edge members of the coupled wall system were
based on tributary areas of 235 sq ft for the exter%or and 375 sq ft for
the interior edge member (Table 2.2). The live load was reduced by 60 per-
cent as permitted by Sec. 2306 of UBC (73 and 79), to 20 psf. The dead and
Tive loads, thus computed, were 854 kips and 7i kips at the foundation
of the exterior edge columns, respectively. The interior columns were

computed to have 1232 kips and 113 kips as dead and Tive loading at the

foundation, respectively. These loads are indicated on Table 2.2.
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A.2.2.5 Design of the Wall Edge Columns with the 1973-UBC Provisions

The unfactored earthquake and gravity load demands from the edge
columns of the coupled shear wall are indicated in Table 2.2. The
exterior columns are observed to be critical members, as the forces due
to the overturning moment and coupling action cancel eaéh other at
the interior columns. The edge columns are designed as members under
pure axial load {Sec. 2627). Tension column (Table 2.2) demand:

1.4E + 0.9 D
¢

supply is 1920 kips. Compression column (Table 2.2) demand:

= 1644 kips, where ¢ = 0.9, With 8#18 bars (p = 3.56%),

1.4 (E ; D+l). 4725 kips, where ¢ = 0.75. With 8#18 bars, supply is:

0.85 x 4 (302 -4 x8)+60x8x4=4821 kips. In these computations

the biaxial moments are not considered as the lateral earthquake forces
are assumed to act nonconcurrently according to UBC [2.16, 2.17]. ATC-
3[2.15] recommends the incorporation in desian of 30 percent of the effects
caused by the lateral seismic forces acting in the orthoaonatl direction.
Slenderness effects are alsc neglected in the edqe member design as the
wall panel fully restrains the edge columns in the plane of the wall, and
the floor slab offers sufficient restraint to avoid buckling of the column
in the plane perpendicular to the wail.

The inner column demands require only minimum reinforcement, nine
#9 bars, o = 1%. However, due to reasons explained in Section 2.2.2 of
this report, these columns were provided with the same reinforcement as
the exterior columns (Fig. 2.3). The reinforcement demands of the inner
edae columns of the coupled walls were also checked by considering the
design of these columns as part of the frames along the long direction
of the building. The demands, computed in this manner, still required
only minimum reinfofcement.

By virtue of Sec. 2627(c), the edge columns should be provided by
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special transverse reinforcement. It was decided to use spiral rein-
forcement for this purpcse. According to Sec. 2626{(e) - 4, the minimum
percentage for spiral reinforcement is 0.45 (Ag/Ac—H‘Fc‘:/fy = 0.172.

This is larger than 0.12 fé/fyh‘ Using Gr. 60 #5 bar for spiral with

a pitch of 2.5 in., Py = 0.018. The column with this Tateral reinforce-
ment is capable of resisting a shear of:

V, = (2Av/3)fydc/¢s) = (2 x2x0.3/3) 60 x 26/(0.85 x 2.5) = 294 kips
by virtue of expression (26-7), Sec. 2626 of UBC, where the concrete con-
tribution is neglected. The contribution of the four edge columns to the
sheer resistance of the walls, based on this computation, is 4 x 294 =
1176 kips.

An important shortcoming of the code {1973-UBC, 1979-UBC) provisions
in the design of frame-wall (dual) structural systems is observed when
the design of the walls in the longer direction of the building is con-
sidéred. The period of the building in this direction is computed as:

_ 0.05h, .05 x 130
/o /T80

and the spectral coefficient C is:

T

= (0.67 secs.

c=0.05_ _0.05

- =2 = 0.057
VT V067

which is 19 percent larger than the value of C for the short direction.
The corresponding earthquake base shear for the building is V = 1558 kips,
as compared to the 1312 kips for the shorter direction. By virtue of the
‘provision requiring that "the shear walls, acting independently of the
ductile moment resisting protions of the space frame shall resist the
total required lateral forces,” the four shear walls in the longer di-
rectionof the building (Fig. 2.1) should be designed for higher demands
than the walls in the shorter direction.

The relative contribution of these walls to the overall strength
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and stiffness of the building in the longer direction is significantly
less than the corresponding contribution of the walls in the shorter
direction. Consequently, when the designer incorporates walls in a
certain direction of a building frame, when the frame stiffness and
strength along that direction is high, the walil demands are severely and
unjustifiably increased when all the earthquake force attracted in that
direction is assigned to the walls. ATC-3 [2.15] requires the total
seismic force to be distributed to the components of the seismic resist-
ing system with due consideration of the relative stiffnesses of the

components and the diaphragm. This is a more realistic approach.

A,2.2.6 Shear Design of the Walls in Accordance with 1973-UBC Provisions
Results of Analysis with 1973-UBC “E" loading (Table 2.2) indicate

2 base shear force of 387 kips for each wall and one coupled shear wall

system in the building. According to Section 2627.(a}, the demand is

either 1.4(D+L) + 1.4E or 0.9D+1.4E, but 2.8E instead of 1.4E should be

used in calculating shear and diagonal tension stresses. As 0.9D+1.4E

results in a tension N in the wall of (-)489 kips, this axial force is
selected acting together with Y-387 kips in designing against shear.

The moment MU corresponding to this combination is 2.7 x 105 kip-in. (The
value of unfactored internal forces corresponding to D, L and E are given

in Table 2.2). The design shear is computed from 2.8 x 387/0.85 = 1275 kips
where 0.85 is the ¢ factor. The corresponding shear stress is computed as
1275/(0.8 x 282 x 12) = 0.470 ksi, from eq {(11-31), Section 2611.(q). This
is less than 10J?z, which is 0.632 ksi for a nominal concrete stress of
4000 psi. Section 2611.(q) permits the use of expression (11-8), Ve =
2(1+0.002 Nu/Ag)/?z, to compute a concrete contribution. This contribution

js considered zero for -columns when the axial compressive stress is less than
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0.12 fé (Sec. 2626.). The concrete contribution corresponding to
éxpression (11-8) is 2(1-0.002 x 489000/4464)/4000 = 100 psi. UBC-1973,
therefore, acknowledges a concrete contribution in the.shear design of a
wall which is subjected to a tensile stress.

The same code does not permit concrete contribution in the shear
design of the columns of DMRSF's when the "compressive" stress is less than
0.12 f_.

The wall steel, finally, is computed by the following expression,

incorporating concrete contribution:

Av = (vu - Vc)bw s/fy (expression 11-13).

Assuming a 12 in. spacing,

0.88 in.2

A, = (470-100) x 12 x 12/60000

Using two #6 bars (12 in, 0.C.), A, = 0.88 in.%. The corresponding

Py = 0.88/(12 ;12) = 0.0061, which is larger than 0,0025, The vertical
wall reinforcement, according to Section 2611.(g), is computed from

Py = 0.0025 + 0.5 (2.5 - hm/hw)(ph~0.0025), which is less than 0.0025.

It was decided to use Pn equal to Py, as suggested by the SEAOC, [2.13]that
is, two #6 bars at 12 in. 0.C. The wall, therefore, was designed with
two curtains of #6 Gr. 60 reinforcement at 12 in. 0.C. both ways. If

the concrete contribution is neglected, the spacing becomes 9 in. Such

a closer spacing was not chosen because the actual shear carrying
mechanism of walls with confined edge members is quite different from

the shear carrying mechanism of beams, on which these design provisions
were based. The walls with confined edge columns are capable of developing

shear strengths significantly larger than those computed from beam (truss)

analogy. Furthermore, the contribution of web steel to the
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shear strength of such walls were observed to be not as significant as
this contribution in the case of beams. Note that the edge

members acting as separate columns are capable of resisting a

shear inducing diagonal tension type of shear failure of 294 kips
each, as computed in A 2.2.5. This contribution is 588.kips

for each wall, which constitutes 46 percent of the required supply of
shear strength from the wall. This contribution, however significant,
is completely neglected when the wall shear reinforcement is computed

based on UBC expressions [2.16, 2.17].

A.2.2.7 Design of the Connecting Beams with the 1973-UBC Provisions

The connecting beams were considered in three groups for design
purposes, as shown in Table 2.3., as there was a significant change in
demands along the height of the structure. These demands were obtained
through linear analysis with the code prescribed loading.

Design for type 3 beam (3rd - 9th floors): The design of the type

3 beam was based on the demands of the fifth floor. (Table 2.3). The
negative moment demand, 1.4(D + L + E)/¢ was computed as 21442 kip-in.
({1312 + 1.4 x 12847}/0.9). The positive moment demand was computed by
(0.9D + 1.4E)/0.9, as 19166 kip-in ({-737 + 1.4 x 12847}/0.9). \Using
nine #9 bars top and eight #9 bars bottom, the positive and negative
moment supplies were computed as 21033 kip-in. and 23356 kip-in., res-
pectively, with established ultimate strength procedures.

The design shear force was then obtained as 377 kips (1.25{21033 +
233561/168 + 47), incorporating a simple span shear of 47 kips for the
load combination of 1.4 (D + L). This results in a nominal shear stress
demand of 406 psi (377/{0.85 x 24 x 45.5}). This is a significantly high
nominal shear stress equivalent to 6.42/?2. The correspondina area of web
reinforcement, for a center to center spacing of 4-1/2 inches, is computed

as 0.5 in.2 (4.5 x 24{406 - 2/4000}/60000). According to the code
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provisions, a tie spacing of 9 in. is permitted (Sec. 2626 (e) 5-c¢) as
d/4, 8 bar diameters, 24 stirrup tie diameters or 12 inches, whichever

is less, is specified for the maximum spacing at member ends. Using #4
bars for ties, the critical constraint is 8 bar diameters, which is 9
inches. To have a tie spacing of 9 inches for a beam which is expected
to develop a shear stress of 6.42/??, although permitted by the code,

is known to be an extremely deficient design (Sec. 1.2.3) considering the
post yield cyclic behavior of the beam. Consequently, a spacing of

4-1/2 inches corresponding to half of the spacing permitted by the code,
was selected.

The amount of web reinforcement is another factor requiring careful
consideration in design. Three #4 bars (0.6 1n.2) are sufficient for
the calculated demand of 0.5 in.z, based on the 4-1/2 in. spacing.
However, as explained in Sec. 2.2.2, when the need to provide effective
lateral restraints to all the main bars is considered, eight #4 bars
had to be provided, as shown in Fig. 2.4.

A simpler scheme is possible if #12 bars are used to replace #9
bars as the main flexural reinforcement, as shown in Fig. 2.4, alternative
2. Although a #12 bar does not exist, this would correspond to a #4 bar
in the 1/3-scale model, which is available. In this case six #4 bars -
two ties and a crosstie are adequate for lateral support of the f]éxura]
bars.

In each of the two alternatives, Fig. 2.4, the amount of Tateral rein-
forcement is significantly more than the demand due to shear. Alternative
2 was selected as it was simpler, although larger bars, in general, lead
to anchorage problems. The supply of shear reinforcement in this

2

alternative is 1.14 in.z, compared to 0.5 in.” of demand. On the other

hand, using #12 bars rather than #9 bars results in a slight increase
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in thé demand as the area of six #12 bars is 19 percent larger than
the area of nine #9 bars.

Design for type 2 beam (2nd, 10 - 12th floors): The demands of this

type of beam were based on the demands of the tenth-floor beam (Table 2.3).
Negative moment demand was computed as 16807 kip-in. ({1.4 x 9867 + 1312}/
0.9). The positive moment demand was 14530 kip-in.{1.4x9867-737)/0.9}.
Using seven #9 bars top and six #9 bars bottom, the supplied flexural
strengths were computed as 15926 kip~-in. and 18171 kip-in. for the positive
and negative moment directions, respectively.

The design shear force for this beam was obtained as 301 kips
(1.25{15926 + 18171}/168 + 47). The resulting nominal shear stress
demand is 324 psi (5.12¢?Z), incorporating the ¢ factor of 0.85. Demand
for tie area, based on a tie spacing of 4-1/2 in., is computed as 0.36
in.2 ({324 - 2/4000} 24 x 4.5/60000). Using three #3 ties and one #3
crosstie for the purpose of restraining the main flexural bars, as shown

in Fig. 2.5, as alternative 1, the supply becomes 0.77 in.z.

A simpler
scheme is possible if four #12 (7.06 in.z) bars are used to replace the
seven #9 (7 in.z) and six #9 (6 in.z) bars top and bottom and using two
#4 ties. In this case the supply is 0.8 incz(Fig. 2.5).

Design for type 1 beam (1st, 13-15th floors): Demands are based on

the analysis results for the 13th-flcor beam. These were computed as

9226 kip-in. and 11502 kip-in. for the positive and negative bending
directions, respectively. Using four #9 and five #9, the supplied strengths
were computed as 10718 kip-in. and 13402 kip-in. for the same bending
directions, respectively. The design shear force is computed as 226 kips,
and the corresponding nominal shear stress demand is 243 psi (3.84/?5).

The demand for tie area, based on a 7-1/2 in. spacing, was computed as

0.35 in.2. Using two #4 ties, supply is 0.79 in.%. As the demand from
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this type of beam is significantly lower than the others, a 7-1/2 in.

spacing was used (Fig. 2.6).

A.2.2.8 Design of the Wall Edge Columns with 1979-UBC Provisions

The procedure for design is similar to the 1973-UBC design. The
unfactored earthquake and gravity load demands are indicated in Table 2.2.
The nominal design demands for the tension and compression columns were.
obtained as 2480 kips and 5727 kips, respectively. Using twelve #18 bars
in these columns (p = 5.3%), thé supplies in tension and compression
become 2880 kips and 5777 kips, respectively. The spiral regquirements
of the 1979-UBC code are similar to these requirements of the 1973-UBC,
and hence, #5 spiral with 2-1/2 in. pitch was selected. The resulting
edge column design is shown in Fig. 2.3. The flexural steel in the edge
columns of the wall designed with 1979-UBC provisions is 50 percent more
than the steel in the edge columns of the wall designed with 1973-UBC

provisions.

A.2.2.9 Shear Design of the Walls in Accordance with 1979-UBC Provisions

Unfactored "E" loading results in a base shear of 499.5 kips for each
wall.(Table 2.2). The demands are expressed as either 1.4 (D+L)+1.4E or
0.9D+1.4E where 2E instead of 1.4E will be used in‘computing shear stress.
As both combinations result in compression in the walls, a concreté
contribution of 2/?: is permitted. The design shear force is calculated
as 1175 kips (2 x 499.5/0.85). The corresponding nominal stress is 434
psi (1175000/{0.8 x 282 x 12}),lwhere 0.8 times total depth of the wall
section is‘used‘to compute the effective depth. The nominal stress is
equivalent to 6.86#?{, less than 10 J?Zl Horizpnfal ﬁa]] reinforcemeﬁt
is established as two #6 bars at 14 in. 0.C., resulting in a Py of

0.0052 (2 x 0.44/12 x 14). The demand, for the nominal shear stress of
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434 psi, is computed from (434 - 2/4000)/60000 as 0.0051. The

horizontal wall reinforcement is made equal to the vertical reinforcement
(Fig. 2.3). It is observed that the 1979-UBC design results in 50

percent more edge column flexural steel and 17 percent less horizontal

and vertical wall steel, as compared to the 1973-UBC design. The actual
shear demand of the 1979-UBC designed wall is expected to be siagnificantly
higher than that of 1973-UBC design, due to the increased yield strength
at the base. The shear design of this wall, however, is carried out for

less shear than the 1973-UBC design.

A.2.2.10 Design of the Connecting Beams with 1979-UBC Provisions

The design procedure is similar to that followed in the 1973-UBC
design. The "E" Toad demands of the beams are shown in Table 2.3, and
the beams are designed in three types, as indicated in this Table.

Design for type 3 beam (3rd - 9th floors): The sixth-floor beam

has the largest demands for positive and negative moment (Table 2.3).

The nominal demands were computed as 25481 kip-in. and 27758 kip-in. for
the positive and negative bending directions. Using twelve #9 bars top

and eleven #9 bars bottom, the supplies for the positive and negative
bending directions are obtained as 27845 kip-in. and 30332 kip-in.,
respectively. An alternative is using eight #12 bars top and seven #12
bars bottom, as shown in'Fig. 2.7, increasing the supplies by approximately
20 pefcent. The design shear force was obtained as 480 kips for this

beam (1.25{30332 + 27845}/168 + 47). The corresponding nominal stress

is 529 psi (480000/{0.85 x 24 x 44.5}) = 8.4/f(. The tie stress is computed as
403 psi (529 - 2/4000) which sétisfies the code as this is 6.4/?2', Tess
than BJ?E. The amount of total nominal shear stress, 8.4J?§, although

permitted by the code, is an extremely high shear stress to expect an
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adequate hysteretic response with the conventional detailing used.

Using a 4-1/2 in. tie spacing, the required area of ties is obtained
as 1.21 in.2 (403 x 4.5 x 24/60000). Each of the three alternatives
in Fig. 2.7 provide adequate supplies according to code requirements.

Design for type 2 and type 1 beams: As indicated in Table 2.3,

the demands for the type 2 and type 1 beams, 1979-UBC design, are
gquite close to the demands for the type 3 and type 2 beams, 1973-UBC
design. Consequently, beam types 3 and 2 of the 1973-UBC design are
adapted for beam types 2 and 1 of the 1979-UBC design, shown in Figs.
2.4 and 2.5.
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Finite Element Procedures,” by I.M. Idriss, J. Lysmer, R, Hwang and H.B. Seed - 1973 (PB 229 424)A05

"Dynamic schavior of a Multi~Story Pyramid Shaped Building," by R.M. Stephen, J.P. Hollings and
J.G, Bouwkamp - 1973 (PB 240 718)&06

“"Effect of Different Types of Reinforcing on Seismic Behavior of Short Concrete Columns,” by V.V. Bertero,
J. Hollings, O. Kustu, R.M. Stephen and J.G. Bouwkamp - 1973

"Olive View Medical Center Materials Studies, Phase I," by B. Bresler and V.V. Berterc - 1973 (PB 235 986)A06

"Linear and Nonlinear Seismic Analysis Computer Programs for Long Multiple-Span Highway Bridges,” by
W.S. Tseng and J. Penzien - 1973

"Constitutive Models for Cyclic Plastic Deformation of Engineering Materials,” by J.M. Xelly and P.P. Gillis
1973 (PB 226 024)a03

"DRAIN - 2D User’s Guide," by G.H. Powell - 1973 (PB 227 0l6)A0S
"parthquake Engineering at Berkeley - 1973,% {PB 226 033)All
Unassigned

"Earthquake Response of Axisymmetric Tower Structures Surrounded by Water," by €.Y. Liaw and A.K. Chopra
1973 (AD 773 052)a09

"Investigation of the Failures of the Olive View Stairtowers During the Sam Fernando Earthquake and Their
Implications on Seismic Design," by V.V. Bertero and R.G. Collins - 1273 (PB 235 106)B13

"Further Studies on Seismic Behavior of Steel Beam-Column Subassemblages,” by V.V. Bertero, H. Krawinkler
and E.P. Popov -~ 1973 (PB 234 172)A06
"Seismic Risk Analysis,™ by C.8. Oliveira -1974 (PB 235 920)A06

"Settlement and Ligquefaction of Sands Under Multi-Directional Shaking," by R. Pyke, C.K. Chan and H.B. Seed
1974

"Optimum Design of Earthquake Resistant Shear Buildings,” by D. Ray, K.S. Pister and A.K. Chopra - 1974
(PB 231 172)A06

"LUSH - A Computexr Program for Complex Response Analysis of Soil-Structure Systems," by J. Lysmer, T. Udaka,
H.B. Seed and R, Hwang - 1974 (PB 236 796)A05
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74-10

74-11

74-12
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74-15
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75-3

75-4

75=5

75-8

75-2

75-10
75=-11
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75-13

75-14

75-15%

75~16

75~17

75-18

“Sensitivity Analysis for Hysteretic Dynamic Systems: Applications to Earthquake Engineering,” by D. Ray
1974 (PB 233 213)A06

"Spil Structure Interaction Analyses for Evaluating Seismic Response," by H.B. Seed, J. Lysmer and R. Hwang
1974 (PB 2356 5192)A04 -

Unassigned
“Shaking Table Tests of a Steel Frame - A Progress Report,” by R.W. Clough and D. Tang - 1974 (PB 240 £69)A03

"Mysteretic Behavior of Reinforced Concrete Flexural Members with Special Web Reinforcement," by
V.V. Bertero, E.P. Popov and T.¥. Wang - 1974 (PB 236 797)A07

"Applications of Reliability-Based, Global Cost Optimization to Design of Earthquake Resistant Structures,”
by E. Vitiello and K.S. Pister - 1974 (PB 237 231)2086

"Liquefaction of Gravelly Soils Under Cyclic Loading Conditions,” by R.T. Wong, H.B. Seed and C.K. Chan
1974 {(PB 242 042)A03

"Site-Dependent Spectra for Earthquake-Resistant Design," by H.B. Seed, C. Ugas and J. Lysmer ~ 1574
(PB 240 953}A03

"Barthquake Simulator Study of a Reinforced Concrete Frame," by P. Hidalgo and R.W. Clough ~ 1974
(PB 241 924)Al13

"Nonlinear Earthquake Response of Concrete Gravity Dams," by N, Pal -1974 (AD/A 006 583)A06

"Modeling and Identification in Nonlinear Structural Dynamics - I. One Degree of Freedom Models," by

N. Distefano and A. Rath - 1974 (PB 241 548)A06

“Determination of Seismic Design Criteria for the Dumbarton Bridge Replacement Structure, Vol.I: Description,
Theory and Analytical Modeling of Bridge and Parameters,".by F. Baron and S.-H. Pang - 1975 (PB 239 407}AR15
"Determination of Seismic Design Criteria for the Dumbarton Bridge Replacement Structure,Vol.IT: Numerical
Studies and Establishment of Seismic Design Criteria,” by F. Baron and S.-H. Pang - 1975 (PB 259 408)All
(For set of EERC 75-1 and 75-2 (PB 259 406))

“Seismic Risk Analysis for a Site and a Metropolitan Area," by C.S. Oliveira - 1975 (PB 248 134} A09

"analytical Investigations of Seismic Response of Short, Single or Multiple-Span Highway Bridges," by
M.~-C. Chen and J. Penzien=- 1975 (PB 241 454)A09

“"An Evaluation of Some Methods for Predicting Seismic Behavior of Reinforced Concrete Buildings," by S.A.
Mahin and V.V. Bertero -1975 (PB 246 306)A4l6

*Earthquake Simulator Study of a Steel Frame Structure, Voi. I: Experimental Results," by R.W. Clough and
D.T. Tang - 1975 (PB 243 981)Al3

"Dynamic Properties of San Bernardino Intake Tower," by D. Rea, C.-Y. Liaw and A.K. Chopra ~ 1975 (AD/AOG8 406}
ADS

“"Seismic Studies of the Articulation for the Dumbarton Bridge Replacement Structure, Vol. I: Description,
Theory and Analytical Modeling of Bridge Components,” by F. Baron and R.E. Hamati - 1975 (PR 251 539)}A07

"Seismic Studies of the Articulation for the Dumbarton Bridge Replacement Structure, Vol., 2: Numerical
Studies of Steel and Concrete Girder Alternates,"” by F. Baron and R.E. Hamati - 1975 (PB 251 540)Al0

"Static and Dynamic Analysis of Nonlinear Structures," by D.P. Mondkar and G.H. Powell - 1975 (PB 242 434)A08
"Hysteretic Behavior of Steel Columns," by E.P. Popov, V.V. Bertero and 8. Chandramouli - 1975 (PB 252 365)All
"Earthquake Enginsering Research Centex Library Printed Cataleg," - 1275 (PE 243 711)A26

"Three Dimensional Analysis of Building Systems (Extended version)," by E.L. Wilson, J.P. Hollings and
H.H. Dovey - 1975 (PB 243 989)a07

"Determination of Soil Liquefaction Characteristics by Large~Scale Laboratory Tests," by P. De Alba,
C.K. Chan and H.B, Seed - 1375 (NUREG 0027)A08

"A Literature Survey - Compressive, Tensile, Bond and Shear Strength of Masonry,” by R.L. Mayes and R.W,
Clough - 1975 (PB 246 292)A10

"Hysteretic Behavior of Ductile Moment Resisting Reinforced Concrete Frame Components,” by V.V. Berters and
E.P. Popov - 1975 (PB 246 388)A05

"Relationships Between Maximum Acceleration, Maximum Velocity, Distance frem Source, Local Site Conditions
for Moderately Strong Earthquakes." by H.B. Seed, R. Murarka, J. Lysmer and I.M, Idriss -1975 {(PB 248 172)A03

"The Effects of Method ¢f Sample Preparation on the Cyc¢lic Stress-Strain Behavior of Sands," by J. Mulilis,
C.K. Chan and H.B. Seed - 197% (Summarized in EERC 75-28)
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75-19
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75-27
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75-29

75-30

75-31

75~-32

75-33

75-34

75-35

75-3¢

75=37

75-38

75-39

75-40

75-41

76-2

76~3

"The Seismic Behavior of Critical Regions of Reinforced Concrete Components as Influenced by Moment, Shear
and Axial Forece," hy M.B. Atalay and J. Penzien - 1975 (PR 258 842)All

"Dynamic Properties of an Eleven Story Masonry Building," by R.M. Stephen, J.P, Hollings, J.G. Bouwkamp and
D. Jurukovski - 1975 (PB 246 945)A04

"State—of-the-Art in Seismic Strength of Masonry - An Evaluation and Review," by R.L. Mayes and R.W. Clough
1975 (PB 249 040)A07

"Frequency Dependent Stiffness Matrices for Viscoelastic Half-Plane Foundations," by A.K. Chopra,
P. Chakrabarti and G. Dasgupta ~ 1975 (PB 248 121)aQ7

“Hysteretic Behavior of Reinforced Concrete Framed Walls," by T.Y. Wong, V.V. Bertero and E.P. Popov - 1975
"Testing Facility for Subassemblages of Frame-Wall Structural Systems,” by V.V, Bertero, E.P. Popov and
T. Endo - 1975

"Influence Of Seismic History on the Liquefaction Characteristics of Sands,” by H.B. Seed, K. Mori and
C.X, Chan -1975 (sumarized in EERC 75-28)

"The Generation and Dissipation of Pore Water Pressures during Soil Liguefaction," by H.B. Seed, P.P. Martin
and J. Lysmer - 1975 (PB 252 64B)A03

"Identification of Research Needs for Improving Aseismic Design of Building Structures," by V.V. Bertero
1975 (PB 248 136)A05

"Evaluation of Soil Ligquefaction Potential during Earthaquakes,” by H.B. Seed, I. Arango and C.K. Chan -197%
(NUREG Q0026)A13

"Representation of Irregular Stress Time Histories by Eguivalent Uniform Stress Series in Liquefaction
Analyses," by H.B. Seed, I.M. Idriss, F. Makdisi and N. Banerjee -1975 (PB 252 635)a03

"FLUSH - A Computer Program for Approximate 3-D Rnalysis of Soil-Structure Interaction Problems,“ by
J. Lysmer, T. Udaka, C.-F. Tsai and H.B. Seed - 1975 (PB 259 332}A07

"ALUSH - A Computer Program for Seismic Response Analysis of Axisymmetric Soil-Structure Systems," by
E. Berger, J. Lysmer and H.B. Seed - 1975

"TRIP and TRAVEL - Computer Programs for Scil-Structure Interaction Analysis with Horizontally Travelling
Waves," by T. Udaka, J. Lvsmer and H.B. Seed -1975

"oradicting the Performance of Structures in Regions of High Seismicity," by J. Penzien - 1975 {(PB 248 130)A03

"Efficient Finite Element Analysis of Seismic Structure -Soil - Direction," by J. Lysmer, H.B. Seed, T. Udaka,
R.N. Hwang and C,-F. Tsai - 1975 (PB 253 570)A03

"The Dynamic Behavior of a First Story Girder of a Three-Story Steel Frame Subjected to Earthquake Loading,”
by R.W. Clough and L.-Y. Li -~ 1975 (PR 248 B841)A05

“Earthquake Simulator Study of a Steel Frame Structure, Veolume II - Analytical Results,” by D.T. Tang - 1975
(PB 252 926)Al0

"ANSR-T General Purpose Computer Program'for Analysis of Non-Linear Structural Response," by D.P. Mondkay
and G.H. Powell - 1975 (PB 252 386}A08

"Nonlinear Response Spectra for Probabilistic Seismic Design and Damage Assessment of Reinforced Concrete
Structures," by M, Murakami and J. Penzien - 1975 (PB 259 530)A05

"Study of a Method of Feasible Directions for Optimal Elastic Design of Frame Structures Subjected to Earth-
guake leoading," by N.D. Walker and K.S8. Pister - 1975 (PB 257 78l1)A06

"An Alternative Representation of the Elastic-Viscoelastic Analegy," by G. Dasgupta and J.L. Sackman -~ 1975
{(PB 252 173)AC3

"Effact of Multi-Directional Shaking on Ligquefaction of Sands,” by H.B. Seed, R. Pyke and G.R. Martin - 1975
(PB 258 781)A03
"Strength and Ductility Evaluation of Existing Low-Rise Reinforced Concrete Buildings - Screening Method," by

T. Ckada and B. Bresler - 1976 (PB 257 906)All

"Experimental and Analytical Studies on the Hysteretic Behavior of Reinforced Concrete Rectangular and
T-Beams," by S.-Y.M. Ma, E.P. Popov and V.V. Bertero - 1976 (PB 260 843)Al2

“Dynamic Behavior of a Multistory Triangular-Shaped Building," by J. Petrovski, R.M, Stephen, E. Gartenbaum
and J.G. Bouwkamp - 1976 (PB 273 27%9}A07

"Earthquake Induced Deformations of Earth Dams,” by N. Serff, H.B. Seed, F,.I. Makdisi & C.-¥. Chang - 1976
(PB 292 065)A08
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EERC 76-5 "Analysis and Design of Tube-Type Tall Buildin& Structures,” by H. de Clercqg and G.H. Powell ~ 1978 (PB 252 220)
AlQ

EERC 76-6 "Time and Frequency Domain Analysis of Three-Dimensional Ground Motions, San Fernando Barthquake,™ by T. Kubo
and J. Penzien (PB 260 556}All

EERC 76~7  "Expected Performance of Uniform Building Code Design Masonry Structures,” by R.L. Mayes, Y. Omote, S.W. Chen
and R.W. Clough - 1976 (PB 270 098)A05

EERC 76-8 "Cyclic Shear Tests of Masonry Piers, Volume 1 - Test Results,” by R.L. Mayes, Y. Omote, R.W.
Clough =~ 1976 (PB 264 424)A06

EERC 76-9  "A Substructure Method for Earthquake Analysis of Structure - Scil Interaction,” by J.A, Gutierrez and
A.K. Chopra - 1976 (PB 257 783)A08 '

‘EERC 76-10 "Stabilization of Potentially Liquefiable Sand Deposits using Gravel Drain Systems,"” by H.B. Seed and
J.R. Booker=- 1975 (PB 258 820)A04

EERC 76-11 "Influence of Design and Analysis Assumptions on Computed Inelastic Response of Moderately Tall Frames.,” by
G.H. Powell and D.G. Row = 1976 (PB 271 409)A0&

EERC 76-12 "Sensitivity Analysis for Hysteretic Dynamic Systems: Theory and Applications,” by D. Ray, K.S. Pister and
E. Polak - 1976 (PB 262 859}Aa04

EERC 76~13 "Coupled Lateral Torsional Response of Buildings to Ground Shaking,” by C.L. Kan and A.K. Chopra -
1976 (PB 257 907)a09

EERC 76-14 "Seismic Analyses of the Banco de America,” by V.V. Bertero, $.A. Mahin and J.A. Hollings - 1976

EERC 76-15 "Reinforced Concrete Frame 2: Seismic Testing and Analytical Correlation,™ by R.W. Clough and
J. Gidwani - 1976 (PB 261 323)A0B

EERC 76-16 "Cyclic Shear Tests of Masonry Piers, Volume 2 - Analysis of Test Results.,” by R.L. Mayes, Y, Umote
and R.W. Clough -~ 1976

EERC 76-17 "Structural Steel Bracing Systems: Behavior Under Cyclic Loading,” by E.P. Popov, K. Takanashi and
C.W.. Roeder = 1976 (PB 260 715)A05

EERC 76-18 “Experimental Model Studies on Seismic Response of High Curved Overcrossings," by D. Williams and
W.G. Godden - 1976 (PB 269 548)108

EERC 76-19 "Effects of Non-Uniform Seismic Disturbances on the Dumbarton Bridge Replacement Structure," by
F. Baron and R.E. Hamati - 1976 (PB 282 98l)Alé

EERC 76-20 ‘“Investigation of the Inelastic Characteristics of a Single Story Steel Structure Using System
Identification and Shaking Table Experiments,” by V.C. Matzen and H.D. McNiven - 1976 (PB 258 453)A07

EERC 76-21 ‘“"Capacity of Columns with Splice Imperfections," by E.P. Popov, R.M. Stephen and R. Philbrick = 1976
{PB 260 378)A04

EERC 76-22 "Response of the Olive View Hospital Main Building during the San Fernande Earthguake,” by 5. A. Mahin,
V.V. Bertero, A,K. Chopra and R. Collins - 1976 (PB 271 425}Al4

EERC 76-23 “A Study on the Major Factors Influencing the Strength of Masonry Prisms,” by N.M. Mostaghel,
R.L. Mayes, R. W. Clough and S.W. Chen - 1976 {Not published)

EERC 76-24 "GADFLEA - A Computer Program for the Analysis of Pbre Pressure Generation and Dissipaticn during
Cyclic or Earthquake Loading," by J.R. Booker, M.S. Rahman and H.B, Sged - 1976 (PB 263 947)A04

EERC 76-25 “"sSeismic Safety Evaluation of a R/C School Building," by B. Bresler and J. Axley - 1976

EERC 76=26 "Correlative Investigations on Theoretical and Experimental pynamic Behavior of a Model Bridge
structure," by K. Kawashima and J. Penzien - 1976 (PB 263 388)all

EERC 76-27 "Earthquake Response of Coupled Shear Wall Buildings," by T. Srichatrapimuk - 1976 (PB 265 157}A07
EERC 76-28 "Tensile Capacity of Partial Penetration Welds," by E.P. Popov and R,M. Stephen - 1976 (PB 262 B399)A03

EERC 76-29 "Analysis and Design of Numerical Integration Methods in Structural Dynamics,” by H.M. Hilber - 1976
(PB 264 410)A06

EERC 76-30 “Contribution of a Floor System to the Dynamic Characteristics of Reinforced Concrete Buildings," by
L.E. Malik and V.V. Berterc - 1976 (PB 272 247)Al3 .

EERC 76-31 “The Effects of Seismic Disturbances on the Golden Gate Bridge,” by ¥. Baron, M. Arikan and R.E. Hamati -
1976 (PB 272 279}A09

EERC 76-32 "Infilled Frames in Earthquake Resistant Construction,” by R.E. Klingner and V.V. Bertero - 1976
(PB 265 892)Al13
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UCB/EERC-77/01

UCB/EERC-77/02

UCB/EERC-77/03

UCB/EERC-77/04

UCB/EERC-77/05

UCB/EERC-77/06

UCB/EERC-77/Q07

UCB/EERC-77/08

UCB/EERC-77/09

UCB/EERC-77/10

UCB/EERC-77/11

UCB/EERC-77/12

UCB/EERC-77/13

UCB/EERC-77/14

UCB/EERC-77/15

UCB/EERC-77/16

UCB/EERC-77/17

UCB/EERC-77/18

UCB/EERC~77/19

UCB/EERC=77/20

UCB/EERC-77/21

UCB/EERC-77/22

UCB/EERC-77/23

UCB/EERC-77/24

UCB/EERC=-77/25

UCB/EERC-77/26

UCB/EERC-T77/27

UCB/EERC-17/28

UCB/EERC-77/29

UCB/EERC-77/30

"PLUSH -~ A Computer Program for Prcbabilistic Finite Element Analysis of Seismic Soil-Structure Intex-
action,” by M.P. Romo Organista, J. Lysmer and H.B. Seed - 1977

"8Soil-8tructure Interaction Effects at the Humboldt Bay Power Plant in the Ferndale Earthquake of June
7, 1975," by J.E. Valera, H.B, Seed, C.F. Tsai and J. Lysmer - 1977 (PB 265 795)AC4

"Influence of Sample Disturbance on Sand Response to Cyclic foading," by K. Mori, H.B. Seed and C.K,
Chan - 1977 (PB 267 352)A04

"Seismological Studies of Strong Motion Records,” by J. Shoja-Taheri - 1977 (PB 269 &55}AlC

"Testing Facility for Coupled-Shear Walls,” by L. Li-Hyung, V,V. Berters and E.P. Popov - 1977
"Developing Methodologies for Evaluating the Barthgquake Safety of Existing Buildings," by No. 1 -

B. Bresler; No. 2 - B, Bresler, T. Okada and D, Z2isling; No, 3 - T. Okada and B, Bresler; No. 4 - V.V.
Berterc and B. Bresler = 1977 (PB 267 354)}A08

"A Literature Survey - Transverse Strength of Masonry Walls," by Y. Omote, R.L, Mayes, S.W. Chen and
R.W, Clough = 1977 {PB 277 933}A07

*DRAIN-TABS: A Computer Program for Inelastic Earthquake Response of Three Dimensional Buildings,”
R. Guendelman-Israel and G.H. Powell - 1977 (PB 270 693)R07

by

“SUBWALL: A Special Purpose Finite Element Computer Program for Practical Elastic Analysis and Design
of Structural Walls with Substructure Option," by D.L. Le, H. Peterson and E.P., Popov - 1977
(PB 270 567)A0S

"Experimental Evaluation of Seismic Design Methods for Broad Cylindrical Tanks," by D.P. Clough
{PB 272 280)al3 -

“Earthquake Engineering Research at Berkeley - 1976," - 1977 (FB 273 507)A09

"Automated Design of Earthquake Resistant Multistory Steel Building Frames,"” by N.D. Walker, Jr. = 1977
{PB 276 526)A09

"Concrete Confined by Rectangular Hoops Subjected to Bxial Loads,™ by J. Vallenas, V.V. Berterc and
E.P. Popov = 1977 (PR 275 165)R06

"Seismic Strain Induced in the Ground During Earthquakes," by Y. Sugimura = 1977 (PR 284 201)R04

"Bond Deterioration under Generalized Loading," by V.V. Bertero, E.P. Popov and S. Viwathanatepa - 1377

“"Computer Aided Optimum Design of Ductile Reinforced Concrete Moment Resisting Frames,"” by S.W.
Zagajeski and V.V. Bertero - 1977 {PR 280 137)A07

"Earthquake Simulation Testing of a Stepping Prame with Energy-Absorbing Devices,” by J.M. Kelly and
P.F, Tsztoo -~ 1977 (PB 273 506)A04

"Inelastic Behavior of Eccentrically Braced Steel Frames under Cyclic Ioadings,"™ by C.W. Reeder and

E.P. Popov - 1977 (PB 275 526)Al5

"A Simplified Procedure for fstimating Earthquake-Induced Deformations in Dams and Embankments," by F.I.
Makdisi and H.B. Seed - 1977 (PB 276 820)AC4

"The Performance of Barth Dams during Earthquakes,™ by H.B. Seed, F.I. Makdisi and P. de Alba - 1977
{(PB 276 B21)AC4

"Dynamic Plastic Analysis Using Stress Resultant Finite Element Formulation," by P. Lukkunapvasit and
J.M. Kelly - 1977 (PB 275 453)A04

"pPreliminary Experimental Study of Seismic Uplift of a Steel Frame,"™ by R.W. Clbugh and A.A. Huckelbridge
1977 (PB 278 769)}A08

"Earthquake Simulator Tests of a Nine-Story Steel Frame with Columns Allowed to Uplift," by A.A.
Huckelbridge - 1977 (PB 277 944}109

"Nonlinear Soil-Structure Interaction of Skew Highway Bridges," by M.-C. Chen and J. Penzien - 1977
(PB 276 176}A07

"Seismic Analysis of an Offshore Structure Supported on Pile Foundations," by D,D.-N. Liou and J. Penzien
1977 (PB 283 180)}A06

"Dynamic Stiffness Matrices for Homegeneous Viscoelastic Half-Planes," by G. basgupta and A.K. Chopra -
1977 (PB 279 654)A06

"A Practical Scoft Story Earthquake Isclation System,” by J.M. Kelly, J.M. Eidinger and C.J. Derham -
1977 (PB 276 814)A07

"Seismic Safety of Existing Buildings and Incentives for Hazard Mitigation in San Francisco: An
Exploratory Study," by A.J. Meltsner — 1977 (PB 281 97C)A0S

"Dynamic Analysis of Electrohydraulic¢ Shaking Tables," by D. Rea, S. Abedi-Hayati and ¥. Takahashi
1977 (PB 282 569)A04

"An Approach for Improving Seismic - Resistant Behavior of Reinforced Concrete Interior Joints,” by
B. Galunic¢, V.V. Berterc and E.P. Popov - 1977 (PB 290 870)A06
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UCE/TLRC-78/01

UCB/EERC-78/02

UCB/EERC-78/03

UCB/EERC=78/04

UCB/EERC-78/05

UCB/EERC-78/086

UCB/EERC-78/07

UCB/EERC-78/0B

UCB/EERC~78,/09

UCB/EERC-78/10

UCB/EERC~-78/11

UCB/EERC-78/12

UCB/EERC=-78/13

UCB/EERC-78/14

UCB/EERC-78/15

UCB/EERC-78/16

UCB/EERC-78/17

UCB/EERC-78/18

UCB/EERC-78/19

UCB/EERC-78/20

UCB/EERC~78/21

UCB/EERC-78/22

UCB/EERC-78/23

UCB/EERC-78/24

UCB/EERC-78/25

UCB/EERC-78/26

UCB/EERC-78/27

UCB/EERC-78/28

UCB/EERC-78/29

"The Development of Energy-Absorbing Devices for Aseismic Base Isoclation Systems," by J.M. Kelly and
D.F. Tsztoo - 1978 (PB 284 978)A04

"Effect of Tensile Prestrain on the Cyclic Response of Structural Steel Connections, by J.G, Bouwkamp
and A. Mukhopadhyay - 1978

"Experimental Results of an Earthquake Isolation System using Natural Rubber Bearings," by J.M.
Eidinger and J.M, Xelly - 1378 (PB 281 686)a04

"Seismic Behavior of Tall Ligquid Storage Tanks,"™ by A. Niwa - 1978 (PB 284 0L7)Al4

"Hysteretic Behavior of Reinforced Concrete Columns Subjected to High Axial and Cyclic Shear Forces,"
by S.W. Zagajeski, V.V. Bertero and J.G., Bouwkamp -~ 19278 (PR 283 858)Al3

"Inelastic Beam-Column Elements for the ANSR-I Program," by A, Riahi, D.G. Row and G.H. Powell - 1978
"studies of Structural Response to Earthquake Ground Motion," by O.A. Lopez and A.K, Chopra - 1978
{PB 282 790}A05

“A Laboratory Study of the Fluid-Structure Interaction of Submerged Tanks and Caissons in Earthquakes,”
by R.C. Byrd -~ 1978 (PR 284 957)A08

"Model for Evaluating Damageability of Structures," by I. Sakamotc and B. Bresler - 1978

"Seismic Performance of Nonstructural and Secondary Structural Elements," by I, Sakamoto - 1978
"Mathematical Modelling of Hysteresis Locps for Reinforced Concrete Columns," by S, Nakata, T. Sproul
and J. Penzien - 1978

"Damageability in Existing Buildings," by T. Blejwas and B. Bresler - 1978

"Dynamic Behavior of a Pedestal Base Multistory Building," by R.M. Stephen, E.L. Wilson, J.G. Bouwkamp
and M. Button - 1978 (FB 286 650)A08

"Seismic Response of Bridges - Case Studies," by R.A. Imbsen, V. Nutt and J. Penzien - 1978
{PE 286 5031410

“A substructure Technique for Nonlinear Static and Dynamic Analysis," by D.G. Row and G.H. Powell -
1978 (PB 288 077)Al0

"Seismic Risk Studies for San Francisco and for the Greater San Francisco Bay Area," by C.S. Oliveira =-
1978

"Strength of Timber Roof Connections Subjected to Cyclic Loads,® by P. Gilkan, R.L. Mayes and R.W.
Clough - 1978

"Response of K-Braced Steel Frame Models to Lateral Loads," by J.G. Bouwkamp, R.M. Stephen and
E.P, Popov - 1978

"Rational Design Methods for Light Equipment in Structures Subjected to Ground Motion." by
J.L. Sackman and J.M. Kelly - 1978 (PB 292 357)A04

“Testing of a Wind Restraint for Aseismic Base Isolation,” by J.M. Kelly and D.E. Chitty - 1978
{PB 292 833)A03

"APOLLO - A Computer Program for the Analysis of Pore Pressure Generation and Dissipation in Horizontal
Sand layers During Cyclic or Earthquake Loading," by P.P. Martin and H.B. Seed - 1978 (PB 292 835)A04

"Optimal Design of an Earthquake Isolation System,” by M.A. Bhatti, K.S. Pister and E. Polak - 1978
(PR 294 735)A06

"MASH - A Computer Program for the Non-Linear analysis of Vertically Propagating Shear Waves in
Horizontally Layered Deposits,” by P.P., Martin and H.B, Seed - 1978 (PB 293 101}a05

“Investigation of the Elastic Characteristics of a Three Story Steel Frame Using System Identification,”
by I. Kaya and H,D. McNiven - 1978

“"Investigation of the Nonlinear Characteristics of a Three-Story Steel Frame Using System
Identification,” by I. Kaya and H.D. McNiven - 1978

"Studies of Strong Ground Motion in Taiwan," by Y.M. Hsiung, B.A. Bolt and J. Penzien - 1978
"Cyclic Loading Tests of Masonry Single Piers: Volume 1 - Height te Width Ratic of 2," by P.A. Hidalgo,
R.L. Mayes, H.D. McNiven and R.W. Clough - 1978

"Cyclic Loading Tests of Masonry Single Piers: volume 2 - Height to Width Ratio of 1," by S.-W.J. Chen,
P.A. Hidalgo, R.L. Mayes, R.W. Clough and H.D. McNiven - 1978

"Analytical Procedures in Soil Dynamics,” by J. Lysmer - 1978
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“Hysteretic Behavior of Lightweight Reinforced Concrete Beam-Column Subassemblages,” by B. Forzani,
E.P. Popov and V.V. Berterv = April 1%79(PB 298 267)206

“The Development of a Mathematical Model to Predict the Flexural Response of Reinforced Concrete Beams
to Cyeclic loads, Using System Identification,” by J. Stanton & H. McNiven - Jan. 1979(pB 295 B75)Al0

"Linear and Nonlinear Earthquake Response of Simple Torsionally Coupled Systems," by C.L. Kan and
A.K. Chopra - Feb. 1979(PB 238 262] A06

"A Mathematical Model of Masonry for Predicting its Linear Seismic Response Characteristics,” by
¥, Mengi and H.D. McNiven - Feb., 1979(FB 298 266)A06

"Mechanical Behavior of Lightweight Concrete Confined by Different Types of Lateral Reinforcement,”
by M.A. Manrique, V.V. Bertero and E.P. Popov = May 1279(PB 301 114)A06

"Static Tilt Tests of a Tall Cylindrical Liguid Storage Tank," by R.W. Clough and A, Niwa - Peb. 1979
(PB 301 167)a08

“The Design of Steel Enercy Absorbing Restrainers and Their Incorporation into Nuclear Power Plants
for Enhanced Safety: Volume 1 - Summary Report,” by P.N. Spencer, V.F. Zackay, and E.R. Parker -
Feb. l979(UCB/EERC-79/07) A09

“"The Design of Steel Energy Absorbing Restrainers and Their Incorporation into Nuclear Power Plants
for Enhanced Safety: Volume 2~ The Development of Analyses for Reactor System Piping, ""Simple Systems"
by M.C. Lee, J. Penzien, A.K. Chopra and X, Suzuki “"Complex Systems" by G.H. Powell, E.L. Wilson,
R.W. Clough and D.G. Row =~ Feb. 1979(UCB/EERC-79/08)Al0

"The Design of Steel Energy Absorbing Restrainers and Their Incoyporation inte Nuclear Power Plants
for Enhanced Safety: Volume 3 « Evaluation of Commercial Steels," by W.S. Owen, R.M.N. Pelloux,

R.O0. Ritchie, M. Paral, T. Ohhashi, J. Toplosky, $.J. Hartman, V.¥. Zackay and E.R. Parker =

Feb. 1979 (UCB/EERC-73/09) A04

"The Design of Steel Energy Absorbing Restrainers and Thelr Incorporation into Nuclear Powexr Plants
for Enhanced Safety: Veolume 4 -~ A Review of Energy~absorbing Devices," by J.M. Kelly and

M,5. Skinner - Feb. 1979(UCB/EERC-79/10)A04

“conservatism In Swumation Rules for Closely Spaced Modes,” by J.M. Kelly and J.L. Sackman -~ May
1979(PB 301 328} A03

*Cyclic Loading Tests of Masonry Single Pierxs; Volume 3 - Height to Width Ratio of 0.3,” by
P.A. Hidalgo, R.L. Mayes, H.D. McNiven and R.W. Clough - May 1979(PB 301 321)aC8

*Cyclic Behavior of Dense (ourse-Grained Materials in Relation to the Seismic Stability of Dams," by
N.G. Banerjee, H.B. Seed and C.K. Chan - June 1979(PFB 301 373)Al3

“Seismic Behavior of Reinforced Concrete Interior Beam-Column Subassemblages,” by 5. Viwathanatepa,
E.P. Popov and V.V. Berctero - June 1972(PB 301 32€)al0

"Optimal Design of Localized Nonlinear Systems with Dual Performance Criteria Under Earthquake
Excitations," by M.A. Bhatti - July 1973(pB 80 167 109)a06

"OPTDYN ~ A General Purpose Optimization Program for Problems with or without Dynamic Constraints,”
by M.A, Bhatti, E. Polak and K.S. Pister - July 1973(PB 80 167 091)A05

“"ANSR-II, Analysis of Nonlinear Struc¢tural Response, Users Manual,” by D.P. Mondkar and G.H. Powell -
July 1979(PB 80 113 301)a08

"Seil Structure Interaction in Different Seismic Environments.," A. Gomez-Masso, J, Lysmer, J.-C. Chen
and H.B. Seed - August 1979(PB 80 101 520)A04

"ARMA Models for Earthquake Ground Motions," by M.K. Chang, J.W. Kwiatkowski, R.F. Nau, R.M. Oliver
and K.5. Pister - July 1879(PB 201 166) A0S

"Hysteretic Behavior of Reinforced Concrete Structural Walls," by J.M. Vallenas, V.V. Bertero and
E.P. Popov - August 1979(PB 80 165 20S)al2

“stidies on High-Frequency Vibritions of Buildings - 1: The Column Effect,” by J. Lubliner - August197%
(PB 80 158 553)A03

"Effacts of Generalized Loadings on Bond Reinforcing Bars Embedded in Confined Concrete Blocks," by
8. Viwathanatepa, E.P. Popov and V.V. Bertero - August 1979

"Shaking Table Study of Single-Story Masonry Houses, Volume 1: Test Structures 1 and 2," by P. Gilkan,
R.L. Mayes and R,W. Clough - Sept. 1979

“Shaking Table Study of Single-Story Masenry Houses, Volume 2: Test Structures 3 and 4," by P. Gilkan,
R.L. Mayes and R.W. Clough - Sept. 1979

“*Shaking Table Study ¢f Single~Story Masonry Houses, Volume 3: Summary, Conclusions and Recommendations,”
by R.W. Clough, R.L. Mayes and P. GGlkan - Sept. 1879

"rRecommendations for a U.S.-Japan Cocoperative Research Program Utilizing Large-Scale Testing Facilities,"
by U.S.=~Japan Planning sroup - Sept. 1379(PB 301 4CG7)a06

"Barthquake-Induced Liquefaction Near Lake Amatitlan, Guatemala," by H.B, Seed, I, Arango, C.K. Chan,
A, Gomez-Masso and R. Grant de Ascoli - Sept. 1979(NUREG-CRL341)A03

"Infill Panels: Their Influence on Seismic Response of Buildings," by J.W. Axley and V.V. Bertero -
Sept., 1879(PB B0 163 371)Al0

“3D Truss Bar Element {Type 1) for the ANSR-II Program," by D.P. Mondkar and G.H. Powell =~ Nov. 1979
(PB 80 169 709)A02

"2D Beam-Column Element (Type 5 ~ Parallel Element Theory) for the ANSR~IT Program," by D.C. Row,

G.H. Powell and D.P. Mondkar - Dec, 1979(PB 80 167 224)a03
"3D Beam~Column Element {Type 2 - Parallel Element Theory) for the ANSR-II pProgram,” by A. Rizhi,
G.H. Powell and D.P. Mondkar - Dec. 1979(PB 80 167 216)A03

"Oon Response of Structures %o Stationary Excitation,” by A. Der Kiureghian - Dec, 1979(PB 80166 929)A03

"Undisturbed Sampling and Cyelie Load Testing of Sands," by S. Singh, H.B. Seed and C.K. Chan -
Dec. 19794

"Interartion Effects of Simultanecus Torsional and Compressional Cyclic Leading of sand,™ by
P.M. Griffin and W.N. Houston = Dec. 1979
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"Earthquake Response of Concrete Gravity Dame Including Hydrodynamic and Foundation Interaction
Effects,” by A.K, Chopra, P. Chakrabarti and 5., Gupta - Jan. 1980 (AD~a087297)al0

“Reocking Response of Rigid Blocks to Earthquakes," by C.S. Yim, A.K. Chopra and J. Penzien ~- Jan. 1980
{PB80 166 002)A04

"Cptimum Inelastic Design of Seismic-Resistant Reinforced Concrete Frame Structures,” by $.W. Zagajeski
and V.V. Bertero ~ Jan. 1980(PB8O 164 535)a06

"Effects of Amount and Arrangement of Wall-Panel Reinforcement on Hysteretic Behavior of Reinforced
Concrete Walls," by R. Iliya and V.V. Bertero - Feb. 1980(PB31 122 525)YA09

"Shaking Table Research on Concrete Dam Models," by A. Niwa and R.W. Clough - Sept. 1980(PBB1 122 368)206
“The Design of Steel Energy-Absorbing Restrainers and their Incorporation into Nuclear Power Plants for

Enhanced Safety (Vol lA): Piping with Energy Absorbing Restrainers: Parameter Study on Small Systems,”
by G.H. Powell, C. Oughourlian and J. Simons - June 1980

*Inelastic Torsional Response of Structures Subjected to Earthquake Ground Motions," by Y. Yamazaki
April 1980(p881 122 327)A08

"Study of X-Braced Steel Frame Structures Under Earthquake Simulation,” by Y. Ghanaat - April 1980
(PEB1 122 335)all

"Hybrid Modelling of Soil-Structure Interaction," by S. Gupta, T.W. Lin, J. Penzien and C.,S. Yeh
May 1980(PBBL 122 319)A07

“General Applicability of a Nonlinear Model of a One Story Steel Frame,"” by B.I. 5Sveinsson and
g.D. McNiven - May 1980(PB8L 124 877)A06

"A Green-Function Method for Wave Interaction with a Submerged Body," by W. Kioka - april 1980
(eBBLl 122 269)A07

*Hydrodynamic Pressure and Added Mass for Axisymmetric Bodies,” by F. Nilrat - May 1980(PES1 122 343)A08
*rreatment of Non-Linear Drag Forces Acting on Offshore Platforms,” by B.V. Dao and J. Penzien
May 1980(PB81 153 413)Aa07 '

"2D Plane/Axisymmetric Solid Element (Type 3 - Elastic or Elastic-Perfectly Flastic) for the ANSR-II
Program," by D.P. Mondkar and G.H. Powell - July 1980(PBS1 l22 3500403

"A Response Spectrum Method for Random Vibratijens," by A. Der Kiureghian - June 1980(PBS1122 301}A03

“Cyclic Inelastic Buckling of Tubular Steel Braces,” by V.A. Zayas, E.P. Popov and 5.A. Mahin
June 1980(PB81 124 885)AlC

"Dynamic Response of Simple Arch Dams Including Hydrodynamic Interaction," by C.S. Porter and
A.K. Chopra = July 1980(PBSl 124 Q00Q)Al3
-

"Experimental Testing of a Friction Damped Aseismic Base Isclation System with Fail-Safe
Characteristics,” by J.M. Xelly, K.E. Beucke and M,S. Skinner - July 1980(PRBL 148 595)a04

"The Design of Steel Energy-Absorbing Restrainers and their Incorporation into Nuclear Power Plants fox
Enhanced Safety {Vol 1B): Stochastic Seismi¢ Analyses of Nuclear Power Plant Structures and Piping
Systems 'Subjected to Multiple Support Excitations," by M.C. Lee and J. Penzien - June 1980

"the Design of Steel Energy«Absorbing Restrainers and their Incorporation into Nuclear Power Plants

for Enhanced Safety {Vol 1C): Numerical Method for Dynamic Substructure Analysis,” by J.M. Dickens

and E.L. Wilson =~ June 1980

"The Design of Steel Energy-Absorbing Restrainers and their Incorporation into Muclear Power Plants
for Enhanced Safety (Vol 2): Development and Testing of Restraints for Nuclear Piping Systems," by
J.M, Kelly and M.5. Skinner - June 1980

“3D Solid Element (Type 4-Elastic or Elastic-Perfectly-Plastic) for the ANSR-II Program," by
D.P. Mondkar and G.H. Powell - July 1980(PBES1 123 242)A03

"Gap-Priction Element (Type 3) for the ANSR-II Program," by D.P. Mondkar and G.H. Powell - July 1980
(PBB1l 122 285)}A03

“y-Bar Restraint Element (Type l1) for the ANSR-II Program," by C. Cuchourlian and G.H. Powall
July 1980(PBRS1 122 293)Aa03

"Testing of a Natural Rubber Base Isolation System by an Explosively Simulated Earthquake," by
J.M. Kelly - August 1980

“Input Identification from Structural Vibrational Response," by Y. Hu - August 1980(PB81 152 308}a05

"Cyclic Inelastic Behavior of Steel Offshore Structures,” by V.A. Zayas, S.A. Mahin and E.P, Popov
August 1980

“Shaking Table Testing of a Reinforced Concrete Frame with Biaxial Response," by M.G. Oliva
October 1980(PBBL 154 304)AlL0

"pynamic Properties of a Twelve-Story Prefabricated Panel Building," by J.S. Bouwkamp, J.P. Kollegger
and R.M, Stephen - October 1980

"Dynamic Properties of an Eight-Story Prefabricated Panel Building," by J.G. Bouwkamp, J.P. Kollegger
and R.M, Stephen - October 1920

"pPredictive Dynamic Response of Panel Type Structures Undexr Earthquakes,” by J.P. Kollegger and

J.G. Bouwkamp - October 1980(PBSl 152 316)A04

“The Design of Steel Energy-Absorbing Restrainers and their Incorporation into Nuclear Power Plants
for Enhanced Safety (Vol 3): Testing of Commercial Steels in Low-Cycle Torsional Fatigue," by
P. Spencer, E.R. Parker, E. Jongewaard and M, Drory
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for Enhanced Safety (Vol 4): Shaking Table Tests of Piping Systems with Energy-Absorbing Restrainers,”
by S.F. Stiemer and W.G. Godden - Sept. 1980

UCB/EERC-80/34 "The Design of Steel Energy-aAbsorbing Restrainers and their Incorporation into Nuclear Power Plants
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K.E. Beucke ~ October 1980(PB81 154 072)A04
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UCB/EERC-80/37 “Earthquake Engineering at Berkeley - 1980." - s5ept. 1980

UCB/EERC-80/38 “Inelastic Seismic Analysis of Large Panel Buildings," by V. Schricker and G.H. Powell ~ Sept. 1980
(pB81 154 338}Al13

UCB/EERC-80/32 “Dynamic Response of Embankment, Concrete-Gravity and Arch Dams Including Hydrodynamic Interaction,"”
by J.F. Hall and A.K. Chopra = October 1980(PB81 152 324)All

UCB/EERC-80/40 "Inelastic Buckling of Steel Struts nder Cyclic L[pad Reversal,” by R.G. 8lack, W.A. Wenger and
E.P. Popov = COctober 1980(PB81l 154 312)A08

UCB/EERC-80/41 *“Influence of 3ite Characteristics on Building Damage During the Octocber 3, 1974 Lima Earthguake," by
P. Repetto, I. Arango and H.B. Seed - Sept. 1280(PB81 161 739)A05

UCB/EERC~80/42 ™“Evaluation of a Shaking Table Test Program on Response Behavior of a Two Story Reinforced Concrete
Frame," by J.M. Blondet, R.W. Clough and S.aA. Mahin

UCB/EERC-80/43 "Modelling of Soil-Structure Interaction by Finite and Infinite Elements,” by F. Medina

UCB/EERC-81/01 "Control of Seismic Response of Piping Systems and

Other Structures by Base Isolation," edited by
J.M. Kelly -~ 1981 (PB81 200 735)

UCB/EERC-81/02 YOPTNSR - An Interactive Software System for Optimal
Design of Statically and Dynamically Loaded Structures
with NWonlinear Response," by M.A. Bhatti, V. Ciampi and
K.S. Pister ~ 1981 '

UCB/EERC-81/03  "Analysis of Local Variations in Free Field Seismic
Ground Motion," by J.-C. Chen, J. Lysmer and H.B. Seed
1981 :

UCB/EERC-81/04 "Inelastic Offshore Platforms for Seismic Loading," by
V.A. Zayas, P. shum, B. Shing, S.A. Mahin and E.P. Popov
1981

UCB/EERC-81/05 "Dynamic Response of Light Equipment in Structures," by
A. Der Kiureghian, J.L. Sackman and B. Nour—-Omid - 1981

UCB/EERC-81/06 "Preliminary Experimental Investigation of a Broad Base

Liquid Storage Tank," by J.G. Bouwkamp, J.P. Kollegger and
R.M. Stephen - 1981
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